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The main objective of this study is to obtain a clear picture of moment 
rotational responses of different types of composite joints.  The test results have been 
used to verify the proposed analytical models.  The moment-rotation relationships (M-
φj) obtained by using these models are then incorporated into global frame analysis by 
taking into consideration various joint modelling techniques provided in EC3.  
A comprehensive experimental programme was undertaken and 14 full-scale 
composite beam-to-column joint specimens were tested to failure.  These specimens 
were configured as cruciform shapes with special test set up to examine their 
behaviour under the influence of solely negative or both negative and positive 
moments at the same time.  Most commonly used steelwork connections such as flush 
end plate, extended end plate and haunch connections are covered in the present study.  
The general trends of test data are evaluated and established to support the hypotheses 
and simplifications during the process of developing the analytical modelling. 
 Analytical models to predict moment capacity, rotational stiffness and rotation 
capacity for composite joints under the influence of negative moment, derived using 
the “component method” are considered.  From the same principle, the analytical 
models are further developed and extended to be capable of predicting the properties of 
composite joints subject to positive moment.  Comparisons against the test results have 
shown that the models over predict the initial rotational stiffness for joints loaded 
symmetrically under negative moment.  However, for joints under reversal of loading, 
the models were found to be sufficiently accurate in capturing the moment rotational 
responses for composite joint types tested.  
 Inclusion of actual composite joint characteristics obtained from the proposed 
analytical models into global frame analyses by considering “semi rigid’ joint models 
 xvii
is demonstrated.  The rigorous approach considers the semi-continuous behaviour by a 
special joint element consisting of separate rotational springs for the left and right hand 
side of the connection and the shear panel connecting the column and beam axes by 
infinite rigid stubs.  In other words, the joints have to be treated as separate members 
with finite size.  To simplify, Eurocodes allow the joint model to be concentrated in the 
intersection of beam and column axes without joint transformation.  It is highlighted in 
the present study that the error due to neglecting the finite joint size can be significant.  
It may result in conservative approximation of mid span deflection, leading to under-






 Concrete and structural steel are the two most widely used materials in the 
construction industry.  Whenever such materials are used individually, there are 
inherent weaknesses where concrete is inefficient in resisting tensile load and slender 
structural steel sections are susceptible to buckling.  However, when they are 
combined together to form so called composite construction, the merits of these two 
materials are optimally used.  The efficiency of composite construction is increased 
significantly where concrete is utilised for compression and steel in tension.  
Furthermore, concrete provides corrosion resistance and fire protection to steel 
sections and reduces the susceptibility of slender steel sections to buckling modes. 
 A composite frame is widely recognized as a framed structure in which some 
or all of the beams and columns are composite members.  EC4 (1994) defines 
composite joints as those where steel or composite beams frame into steel or 
composite columns, or reinforced columns in which steel reinforcement is intended to 
contribute to the resistance.  To abate the scope, hereafter, a composite joint refers to 
a joint where composite beams frame into steel or composite columns (unless 
otherwise stated).  As the term joints and connections are used interchangeably in this 
thesis, as well as in practice, distinction is made between the two.  Following the most 
consolidated definition (Bijlaard et al., 1989; Nethercot and Zandonini, 1990; Kirby et 
al., 1990), the connection is the physical component which mechanically fastens the 
beam to the column, and it is concentrated at the location where the fastening action 
occurs, whilst the joint is the connection plus the corresponding zone of interaction 
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between the connected members, namely the panel zone of the column web, as shown 
in Fig. 1.1.  EC4 has a similar definition as depicted in Fig. 1.2. 
Traditionally, a frame, either composite or bare steel is designed assuming that 
its connections/joints are free to rotate or fully restrained from rotation.  This 
corresponds to two idealised cases, namely perfectly pinned or perfectly rigid.  This 
assumption disregards the inherent stiffness and moment capacity of flexible 
connections and rotational flexibility of rigid connections.  Perfectly pinned 
connections overestimate the span moment and deflection and underestimate the 
support moment.  On the other hand, the assumption of perfectly rigid connection 
underestimates the mid-span moment and deflection and it overestimates the support 
moment.  As a result, an inaccurate assessment is made towards the actual behaviour 
of frames.  In fact, the actual behaviour of such connections lies between these two 
extreme cases and is identified as semi-rigid connections.  Many practical composite 
beam-to-column connections exhibit this semi-rigid characteristic and many 
researchers (Benussi et al., 1989; Davison et al., 1990; Xiao et al., 1994) have carried 
out experimental testing to evaluate the performance of such connections.  Their 
studies showed that most composite beam-to-column connections are able to generate 
significant moment capacity and they should be more appropriately considered as 
partial strength/semi-rigid.  Modern design codes, EC3 (1992) and EC4 (1994) have 
recognized these concepts. 
 In order to incorporate these more involved and realistic connection behaviour 
into frame analysis and design, it is necessary for a designer to have knowledge of the 
actual connection properties.  For instance, ultimate strength design requires both 
moment and rotation capacities of composite beam-to-column connections.  Similarly, 
a designer is required to compute the rotational stiffness of composite beam-to-
 2
column connections in their serviceability checks.  However, the actual behaviour of 
composite connections can be rather complicated.  Extensive research work has been 
carried out in the past ten years.  However, the process of establishing a general basis 
for composite connection design has not made much progress because too many 
parameters affect the behaviour of such connections.  There are many aspects of the 
composite connection yet to be understood.  To date, the concept of semi-continuous 
construction is included in modern design codes such as the BS and EC codes, but the 
guidelines of the prediction of moment capacity, rotational stiffness and rotation 
capacity of such connections have not been fully developed yet.  More research on 
composite joints is therefore needed to provide further understanding. 
 As a result of the intensive research worldwide into joint studies, a consistent 
method to integrate the actual joint response into the frame analysis was proposed by 
Huber (1999) and Jaspart (2000) recently.  It is known as the Joint Representation 
that includes four necessary actions, namely: 
• Joint characterisation: 
Evaluation through appropriate means of the stiffness, resistance and ductility 
properties of the joints (either full M-φ curve or key properties). 
• Joint modelling: 
The way in which the joint is physically represented in view of the global 
frame analysis. 
• Joint Classification: 
The tool providing boundary conditions for the use of conventional type of 
joint modelling (e.g. rigid or pinned). 
• Joint Idealisation: 
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The derivation of a simplified moment-rotation curve in order to be consistent 
with specific analysis approaches (e.g. linear idealisation for an elastic 
analysis). 
 
The state of development and knowledge in these actions may be referred to 
the publications by Huber (1999) and Jaspart (2000).  The present study concentrates 
on the Joint Characterisation. 
 
1.2 OBJECTIVES AND SCOPE  
The aim of the present investigation is to study experimentally the behaviour 
of composite beam-to-column joints subjected to symmetrical and reversal of loading 
conditions in order to simulate the joints in non-sway and sway composite frames.  
Parameters such as reinforcement ratio, steelwork connection type, column web panel 
zone stiffening method, and haunch depths are varied in the experimental program.  
The effects of these parameters with respect to moment capacity, rotational stiffness 
and rotation capacity are studied.  Finally, design guidelines/implications for 
composite flush and extended end plates and haunched joints in composite non-sway 
and sway frames are proposed.  The key joint properties, i.e. moment capacity, initial 
stiffness and rotational capacity, especially for sway composite joints are evaluated 
for global frame analysis. 
Thirteen composite beam-to-column and one steel beam-to-column joints were 
tested to failure in the laboratory.  Six of the composite joints were tested under 
symmetrical loading whereas the remainder under load reversal.  Moment-rotation 
relationships of the joints were studied.  Analytical models to predict moment 
capacities, initial stiffnesses and rotation capacities for both positive and negative 
 4
moment regions are proposed.  Comparisons are made between experimental results 
and those obtained from the analytical models for the purpose of evaluation.  Simple 
design procedures for the types of composite joints tested are presented.  
 
1.3 STRUCTURE OF THE THESIS 
The thesis contains six chapters, including the present one in which a general 
description of the merits of composite construction and the need for further research 
in composite beam-to-column joints are given and the objectives and scope of the 
research highlighted in the same chapter.  
Chapter 2 reviews briefly the selected literature available on composite beam-
to-column joints.  Both experimental and analytical studies on composite joints for 
composite braced and sway frames since the 1970s are presented.  Considering the 
studies carried out world wide, the impetus of the present study is illustrated. 
Chapter 3 describes the experimental program for joints in non-sway (joints 
tested under symmetrical loading) and sway (joints tested under reversal of loading) 
composite frames.  Details of the test set up and parameters varied in the investigation 
are given.  It also explains the loading procedure for the testing.  Chapter 3 also 
covers the test results obtained from the experimental program.  This includes the 
loading behaviour from the elastic stage to the failure stage.  The actual behaviour of 
composite joints tested is discussed systematically by comparing one specimen with 
another, and with studies completed elsewhere.  Failure modes are identified and the 
effects of parameters illustrated.   
Chapter 4 presents analytical models to predict the moment capacities, initial 
stiffness and rotational capacities of composite joints subjected to both positive and 
negative moments.  The results obtained in the experimental program are compared 
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with those obtained by using the analytical models proposed, thus verifying the 
models. 
Chapter 5 presents the techniques to model the joint for frame global analysis 
and design.  The joint modelling with and without joint transformation are 
demonstrated for specimens tested.  The conclusions and recommendations for future 




Fig. 1.1   Distinction between joint and connection  
(Nethercot and Zandonini, 1990) 
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 Joint = Composite connection + web panel in shear 
(a)   Single sided configuration 
(b)   Double sided configuration 
Left joint   = Left composite connection + web panel in shear 
Right joint = Right composite connection + web panel in shear 
 
Fig. 1.2   Parts of a beam-to-column joint configuration  







Semi-rigid joint action on the behaviour of steel frames has received 
considerable attention since the 1980s (Nethercot, 1986) and the same concept also 
applies to composite frames.  Semi-rigid joints usually refer to joints, which can resist 
small but significant moment or those that can sustain a fairly high moment, but with 
appreciable rotation.  The recognition of the semi-rigid concept is a great 
advancement in joint studies because of its realistic representation of joint behaviour 
and economic gain in frame design when employed, compared with conventional 
assumptions of perfectly rigid and pinned joints.  In the case of beam-to-column 
joints, the behaviour can be modelled by moment-rotation curves (M-φ curves) 
because their plane bending action is the prime consideration.  Out-of-plane 
deformation of the joint is to be neglected since the presence of a rather stiff 
continuous floor slab in the composite frame is considered to restrain it from 
happening.  The M-φ curve illustrates the relationship between the moment 
transmitted by the joint and the rotation of the joint due to that moment.  Typical M-φ 
curves for various steel joint types are shown in Fig. 2.1.  The perfectly rigid and 
pinned assumptions adopted in conventional design are corresponding to x and y axes 
of a M-φ curve, respectively.  Accurate and economical structural analysis can only be 
performed if the knowledge of the actual M-φ characteristics including moment 
capacity, rotational stiffness and rotation capacity of the joint adopted is available. 
However, such characteristics of the joint are rather complex and a more 
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comprehensive understanding of joint response, especially joint stiffness and rotation 
capacity is required. 
 Extensive studies on composite joints have been carried out in the past two 
decades and will be reviewed herein.  The following review is divided into two 
sections.  The composite joint studies that are reviewed in Section 2.2 are those 
associated with composite non-sway frames, subjected to either symmetrical or non-
symmetrical (sometimes referred to unbalanced) loading, as shown in Fig. 2.2.  The 
second part of the review concentrates on joint studies corresponding to joints in sway 
composite frames where its joints are subjected to reversal of loading, as shown in 
Fig. 2.3.  This means that the joint is subjected to positive moment on one side and 
negative moment on the other side.  Wind or seismic forces could cause this 
phenomenon. 
 
2.2 JOINT STUDIES FOR COMPOSITE NON-SWAY FRAMES 
The concept of semi-rigid joints as an alternative to rigid joints has been 
suggested by Barnard (1970) to provide a significant degree of continuity while 
reducing the susceptibility of steel elements (web and flange) from local buckling.  It 
was obvious that, to achieve full capacity of composite beams, the compactness 
requirement for steel sections is more stringent in composite rigid joints.  This is 
because the slab reinforcement in composite beams shifts the plastic neutral axis 
closer to the upper flange of the steel section and a greater portion of the steel web 
will be subjected to compression. 
Johnson and Hope-Gill (1972) carried out the earliest tests to validate the 
suggestion.  They tested five composite beam-to-steel column connections in 
cruciform configuration, with two angles located symmetrically about the bottom 
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beam flange.  The parameters investigated in the testing program included beam web 
slenderness ratio, ranging from 32.4 to 56.4 and the force ratio, defined as the ratio 
between yield strengths of the reinforcement and the steel beam section.  It was found 
that the higher this ratio is, the more critical the web buckling.  The experimental 
behaviour of the composite connections tested was encouraging as the stiffness, 
strength and rotation capacity were enhanced compared with bare steel connections.  
Using the simple equilibrium model, Johnson and Hope-Gill (1972) derived an 
expression to calculate the plastic moment capacity of the connection.  The expression 
considered the strength of the rebar only, neglecting the contribution from steelwork 
connection.  
In spite of the encouraging result reported, other research studies were not 
initiated until the beginning of the 1980s when Echeta and Owens (1981) tested a 
composite connection between composite beams and a concrete-filled R.H.S column.  
The steelwork connection used was bottom flange and web cleats.  One of the steel 
beams was deliberately machined short so that a 2 mm gap would appear between the 
beam and the column face, simulating a possible 4 mm lack of fit which could easily 
occur in practice.  From the test observation, it was found that the rotation capacity of 
the connection tested was large enough to permit a high degree of moment 
redistribution, without the beam flange and web becoming unstable.  On the other 
hand, the lack of fit between the column face and beam bottom flange will reduce the 
connection stiffness and increase crack widths in the concrete slab, if premature slip 
occurs at the bottom cleat. 
The first analytical method in predicting the rotational characteristics of bolted 
composite beam-to-column connections where the flush end plate was used as the 
steelwork connection was proposed by Johnson and Law (1981).  The moment 
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capacity of the connection was determined simply by adding the moment capacity of 
the steel connection to the moment resistance of the rebar, which is given by the yield 
strength of the rebar.  Determination of the elastic stiffness of the joint relied on 
elastic partial interaction analysis of the cantilever beams on both sides of the 
connections, with the assumptions that the end cross section of the composite beam 
rotates about the bottom beam flange and the centre of compression located in the 
mid-thickness of  the bottom beam flange.  The tensile resistance of the concrete and 
shear lag effect were neglected.  By using equilibrium and compatibility conditions at 
the column face, expressions for the connection rotation were proposed.  Comparisons 
were made between the theory and connection tests carried out by the authors.  The 
method tended to be conservative but prediction was claimed to be useful for the 
analysis of connections for composite frames.  The expressions proposed are suitable 
for flexible connections only, with the rotation point at the bottom flange of the beam.  
It ignored the deformation of the column and slab that contributed to the connection 
flexibility. 
Another research project was initiated in Italy (Benussi et al., 1986 and 
Benussi et al., 1989) to study the behaviour of semi-rigid composite connections in 
non-sway frames.  Four specimens were tested, characterized by two different steel 
connections that include header plate, representing the flexible connection and flush 
end plate as the semi-rigid connection.  Two values of the slab reinforcement were 
used.  An interesting aspect worth mentioning in this test program was that the 
specimens were tested under slightly non-symmetrical loading.  However, the purpose 
of this measure was not to study the effect of unbalanced moment to the joint but more 
to force the collapse to occur on one side.  By comparing the connection collapse 
moment with the theoretical positive moment of the composite beam cross section, it 
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was shown that the percentage difference between these two values ranged from 32 to 
57% and the experimental M-φ curves showed remarkable capacity for rotation, both 
in the elastic and plastic stages.  Thus, the concept of plastic design seemed to be 
applicable. 
As an extension to the above experimental work, six connection tests have 
been performed by Puhali et al. (1990).  The aim of the tests was mainly to improve 
the understanding on the influence of the flexibility of the shear connectors, the 
interaction between the concrete slab and column, and the imbalance in the moments 
at the two sides of an internal joint.  Therefore, the specimen configuration, member 
nominal size and material grade adopted were basically identical.  By observing the 
crack patterns, the authors suggested that the shear lag effect was limited only to the 
vicinity of the column.  Also, the formation and distribution of the cracks were not 
remarkably affected by the factors investigated.  It was found that the slab-column 
interaction was of greater importance and it affected the whole moment rotation 
characteristic, when the joint was subjected to non-symmetrical loading.  The 
imbalance moment between left and right connections caused a higher flexibility 
compared with the symmetrical tests. The comparative evaluation of the test results of 
all tests formed the basis for the proposal of a spring model, which permitted 
comprehensive simulation of the beam-column joint behaviour. 
A pilot series of tests, which incorporated metal deck flooring was designed to 
investigate the influence of the presence of a composite floor slab on the performance 
of steel beam-to-column connection, was reported by Davison et al. (1990).  In the 
study, twelve beam-to-column connection specimens were tested as permutations of 
four variables: internal or external columns, beam or girder, the orientation of deck, 
whether parallel or perpendicular to the direction of steel beam/girder and amount of 
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reinforcement in the concrete slab.  Some interesting findings from the study are 
summarised as follows: 
1. The stiffness and strength of the composite connection with the presence of 
lightly reinforced composite floor by means of mesh, which was aimed to satisfy 
fire resistance requirements, were enhanced. Additional reinforcement led to 
increase in negative moment capacity approaching that of the bare steel beam. 
2. Metal deck running parallel to the steel section has the most beneficial effect on 
stiffness and strength enhancement. 
 Thirty-eight interior composite connection tests between a steel column and a 
floor composed of steel beams surmounted by a reinforced concrete slab has been 
reported by Altmann et al. (1991).  This was the largest experimental testing program 
that has ever been reported so far.  The aims of the study were to investigate 
experimentally the composite connection behaviour under static loading, develop 
mathematical models for the prediction of non-linear response until collapse and build 
a computer program for the non-linear calculation of composite frames with semi-
rigid connections.  Two types of cleat connections between steel beams and columns 
were used.  They differed only by the presence or absence of one cleat connecting the 
upper flange to the column flange.  The parameters studied included the type of beam 
sections (IPE 240-300-360), sizes of the connecting cleats (150x90x10 or 150x90x13 
mm) and reinforcement ratio in the concrete slab (0.67%, 1.3% and 2.1%).  It was 
noted that the sources of connection flexibility were related to: 
1. the slip between the lower cleat and beam flange 
2. the compression in the column web 
3. the variation of the distance between upper flanges of left and right beams 
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where the two latter sources were strongly dependent on the reinforcement ratio in the 
concrete slab.  It was shown that an increase of the reinforcement ratio had beneficial 
influence on the ultimate strength and rigidity of the connection.  However, the 
rotation capacity suffered.  It could also be seen that the cleat thickness did not affect 
the rigidity and ultimate capacity of the connection much.  On the other hand, the 
inclusion of a top cleat was only needed if the plastic resistance of the reinforcement 
was reached and plastic deformation developed for lower values of reinforcement.  
The top cleat will contribute to an additional bending moment. 
 Tschemmernegg (1992) reported eighteen full-scale tests on composite joints.  
The parameters in the experimental study were type of column (partially encased H 
section or concrete filled circular tube), type of beam (steel or composite), slab (solid 
or composite) and shear connector (headed stud or angle).  Based on the tests, a 
macro-mechanical model of composite joints was developed, similar to that of steel 
joints (Tschemmernegg and Humer, 1988).  The most important feature of this 
development was that the composite joint was divided into a panel zone and 
connection and subsequently non-linear spring models for the panel zone and 
connection were introduced.  It was found that concrete in composite columns 
(partially encased or concrete filled circular tube) did not influence the stiffness of the 
shear and load introduction springs much but the strength and deformation capacities 
were improved. 
 Anderson and Najafi (1994) conducted tests on five composite end plate (one 
extended and four flush) connections.  The specimens were of cruciform shape and 
subjected to symmetrical loading.  From the study, it was concluded that using a 
plastic analysis with the tensile bolt forces predicted by EC3 (1992) provided a 
satisfactory method to predict moment capacity.  The model states that if the total 
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tensile resistance exceeds the bottom flange compressive force, a plastic stress block 
is assumed in the lower part of the web.  Apart from that, a simple form of equation 
was also proposed to compute the rotational stiffness.  However, since the column 
web of their specimens was stiffened at the level of bottom beam flange, the stiffness 
of the column web was assumed to be infinite.  This equation was used to predict the 
stiffness of the composite end plate connections in the elastic or elasto-plastic ranges. 
In the development of this analytical model, the following assumptions were 
made: 
1. Centre of rotation of the beam web is about bottom beam flange. 
2. Full interaction exists between the interface of the steel beam and concrete 
slab. 
3. Concrete is cracked, therefore no contribution from the concrete considered. 
This method was improved to take into account the slip of the studs.  However, 
the above method does not consider yielding of the column web or column web 
stiffness, and the influence of the actual number of studs present in the composite 
connection is not properly reflected.  Furthermore, when deriving the relationship 
between the moment and the rotation, the model does not account for any possible 
compressive force that may be developed in the beam web, which is probably the 
actual fact considering the additional tensile force due to rebar in slab. 
Ren and Crisinel (1995) carried out theoretical and experimental studies on 
composite end plate connections.  A relationship for the moment and rotation for 
composite connections to predict initial stiffness, similar to that proposed by Anderson 
and Najafi (1994) was derived.  The derivation of the formulae also used the basic 
assumption that the moment capacity of a composite connection was the sum of the 
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rebar capacity and the bare steel connection capacity.  The deformation of the column 
web at the beam bottom flange level due to the compression was considered. 
Considerable amount of experimental and analytical work was carried out at 
the University of Nottingham since 1994.  Xiao et al. (1994) and Li et al. (1996a) had 
performed numerous large-scale experimental testing whereas Ahmed and Nethercot 
(1997a, 1997b) had carried out analytical studies by using the Finite Element Method.  
Xiao et al. (1994) had carried out 19 composite connection tests in both cruciform and 
cantilever.  The main emphasis was on assessing the key indications of connection 
performance: moment capacity, rotational stiffness and rotation capacity.  The types 
of steelwork connection covered included seat cleat with double web cleats, flush end 
plate, partial depth end plate and finplate.  Other parameters investigated were 
reinforcement ratio, methods of column web stiffening (column web plates, backing 
plates, etc.) and direction of connection (major/minor axis).  The specimens were 
subjected to symmetrical loading also.  From the experimental testing, Xiao et al. 
concluded that the key properties of composite connection were significantly affected 
by many parameters such as slab depth, joint type, reinforcement ratio, etc.  The 
desirable connection behaviour could be achieved by adjusting these parameters.  On 
the basis of the test results obtained from the composite end plate connection tests, 
Xiao et al. (1996) proposed a comprehensive mathematical model to predict the 
capacity of the composite end plate connection.  Two sets of formulae, which were to 
be used in conjunction with the BS and EC codes, were derived.  The formulae were 
derived based on the principle of the force transfer system operating within the 
connections that was provided by the combination of the steelwork detail, the shear 
studs and the slab reinforcement.  The formulae developed were suitable for use for 
composite connections with multiple bolt rows.  Xiao et al. (1996) suggested four 
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possibilities for the position of the plastic neutral axis in the connection depending on 
the equilibrium condition of the tensile and compressive strength of various 
components in the composite connections.  As a conclusion, the authors suggested that 
the composite end plate connections should be rationally designed as partial strength, 
moment resistant connections.  Not much was done on quantitatively assessing the 
rotational stiffness of the composite joint (Xiao, 1994).  He commented that the 
stiffness of each individual component of composite joint was difficult to assess and 
to calculate the rotational stiffness of the joint, especially in the non-linear stage was 
an extremely difficult task. 
Li et al. (1996a) tested six composite flush end plate connections to study the 
effects of variable shear to moment ratio and unequal moments on the two sides of a 
cruciform joint.  It was found that the effect of non-symmetrical moment ratio on 
connection moment capacity was significant only when the non-symmetrical ratio was 
higher compared with the column web shear resistance or bearing strength between 
the concrete slab and column flange.  On the other hand, the effect of shear force was 
active only when the shear was very high and was accompanied by a relatively weak 
steel beam web.  Combination of the EC3 method for bare steel connections and 
examination of the test results led to a method to predict the moment capacity of non-
symmetrically loaded connections (Li et al., 1996b).  The method took into account 
the effect of the shear force by reducing the steel beam web horizontal design strength 
according to the von Mises yield criterion.  
Ahmed and Nethercot (1996) studied the effect of different levels of 
coincident shear on moment capacity of composite cruciform end plate connections.  
The importance of high shear in influencing the moment capacity was found to be 
dependent on the modes of failure that control the joint’s capacity.  The modes of 
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failure included beam web overstress, column web overstress, reinforcement yield and 
failure in the shear studs.  It was found that the reduction of the joint moment capacity 
due to high coincident shear was valid if the first two failure modes governed the 
design.  Through the use of simple mechanics, equations were developed that could 
address the problem with reasonable accuracy.  The validity of the developed 
equations was verified by finite element analysis. 
Based on the re-examination of available test data, supplemented by results 
obtained from finite element analysis, a unified approach to predict the moment 
capacity for symmetrically and non-symmetrically loaded joints was proposed by 
Ahmed and Nethercot (1997a).  The approach allowed both the interaction of moment 
and shear as well as the influence of axial compression in the column.  The approach 
was developed based on consideration of the load transfer and load path between the 
various components present in a composite connection and was presented as a series 
of explicit expressions.  Similar design method was also proposed for composite 
finplate and angle cleated connection (Ahmed et al., 1997)  
 More recently Ahmed and Nethercot (1997b) proposed another model to 
predict the rotational stiffness of composite flush end plate connections.  
Improvements were made by including the factors that were neglected by previous 
methods.  Three assumptions were made in deriving the expression for initial stiffness 
of the composite connection:- 
1. Compression in the beam web will not influence the connection initial stiffness 
since it occurs at low internal forces.  Only rebar, bolts and column web at the 
level of bottom flange need to be considered. 
2. Only the top bolts will be in tension at the load level where initial stiffness is 
determined. 
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3. Beam web deformation at this load level is linear. 
 This model suggests that the slope of the M-φ curve connecting the origin to 
45% of the ultimate moment is linear and can be taken as the initial stiffness.  This is 
rather different from Revised Annex J, EC3 (1996) where initial stiffness is assumed 
to be valid up to two thirds of ultimate moment. 
A simple technique to determine the available rotation capacity of composite 
flush end plate was also included.  In contrast to the determination of the initial 
stiffness that assumes low internal forces, the forces associated with the rotation 
capacity were the forces in the different components at the joint ultimate capacity. 
The effect of column axial load on the moment capacity of symmetrically and 
non-symmetrically loaded composite joints was studied recently (Ahmed and 
Nethercot, 1998).  It was well established from theoretical and finite element studies 
that column axial load has significant effect on non-symmetrically loaded joints only 
due to the fact that the shear capacity of the column web is reduced with increasing 
column axial load.  However, for symmetrically loaded composite joints, the 
coincident shear was practically zero and the compression resistance of the column 
web remained unaffected by the column axial load.  Therefore, the authors suggested 
the equation for shear resistance of the column web in EC4 to be modified for non-
symmetrically loaded joints.  A design procedure for non-symmetrically loaded 
composite joint, which took into consideration the column axial load and the probable 
shear force in the column, as well as the presence of additional moment on the other 
side of the joint, was proposed.  Initial stiffness of a joint was not affected by the 
existence of column axial load.  
Wang (1996) proposed a method for composite end plate connections, which 
included extended and flush end plate connections.  The method proposed was 
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regarded as one of the most comprehensive analytical models because it provides 
calculation procedures for all the key properties of composite connections: moment 
capacity, rotational stiffness and rotation capacity.  The method was based on 
recommendations in EC3 for bare steel connections and related methods proposed by 
other researchers.  The effect of ratio of slab reinforcement and slab depth on moment 
capacity was examined by the proposed method.  This study further confirmed that 
composite connections are more efficient compared to the non-composite counterpart. 
Huber and Tschemmernegg (1998) carried out a general theoretical study that 
applies to modelling of steel and composite joints.  A uniform guideline for evaluating 
joint tests to determine joint characteristics was given as a basis for the calibration of 
new joint models and for checking existing ones in comparison with test results.  The 
authors further emphasized the importance of modelling technique namely 
“component method”, which was accepted by EC3 (1992) and EC4 (1994), where the 
complex joint is divided into manageable parts.  The concept of “component test” was 
stressed and it was claimed to be an alternative to full-scale joint tests.  In principle, 
the test evaluation is similar for both testing methods, but the advantages of the former 
is that it is easy and economical.  
A comprehensive research program at the Institute of Steel and Timber 
Construction, University of Innsbruck was carried by Huber (1999).  Special attention 
was given to partial shear connection and joint representation.  In the study, the design 
of moment resisting steel and composite beam-to-column joints for continuous and 
semi-continuous framing collecting the state of art, showing principal differences 
between approaches proposed by University of Innsbruck and other research projects 
were dealt.  A special computer program, named “CoBeJo-Joint”, which used to carry 
out the joint characterization was developed. 
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 Brown and Anderson (2001) reported the most recent study.  They carried out 
five composite end plate joint tests that utilized deeper steel beam section (e.g. 
457mm depth Universal Beam) compared to previous tests.  Other parameters varied 
were the end plate thickness, transverse spacing of main reinforcement and the bolt 
size.  The experimental results showed that by using a substantially deeper steelwork 
connection, the moment resistance was significantly improved but at the expense of 
the rotation capacity.  Three calculation models were used to predict joint moment 
resistance.  All the models relied on EC3 to determine the tensile resistance.  The 
differences between models are how the resistances in compression of the lower beam 
flange and the web should be determined and accounted for.  The first models 
assumed that the centre of compression coincide with the centre of the beam 
compression flange with the potential compressive resistance calculated base on 1.4 
times yield strength.  In second model, it is assumed that the compression zone may 
extend some distance up to the beam web depending on the magnitude of the tensile 
resistance.  The beam flange and web resistance may be determined by using strength 
20% higher than yield to account for strain hardening.  The compressive resistance of 
the lower part of the steel section was determined from the moment capacity of steel 
beam divided by the distance between beam flanges, as recommended by EC3.  
Generally, these models give conservative predictions.  To improve the ratio between 
prediction and actual results, the authors proposed the use of ultimate strength, instead 
of yield strength of rebar when the compressive resistance governs the moment 
resistance.  The prediction of stiffness was done using the extension of component 
approach of EC3 that reported by Anderson (COST C1, 1999) for composite 
connection.  The calculated values are in good agreement with the initial and 
unloading/reloading part of the M-φ curve. 
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2.3 JOINT STUDIES FOR COMPOSITE SWAY FRAMES 
 From the numerous composite joint tests conducted under symmetrical and 
non-symmetrical loadings so far, it was established that with the help of composite 
action, composite joints do possess significant stiffness, strength and rotation capacity, 
even when the steelwork connection used was rather flexible.  This makes them a 
possible design option for low to medium rise sway composite frames, where wind or 
seismic loads may cause the joints to experience full load cycles. 
 Composite joints subject to reversal of loading have received relatively little 
attention compared to symmetrically and non-symmetrically loaded composite joints.  
No attempt has been made to study either experimentally or theoretically until 1987.  
The pilot studies carried out at the University of Minnesota, USA (Ammerman and 
Leon, 1987; Leon et al., 1987; Leon, 1990).  A total of thirteen tests were performed 
on joints (under monotonic symmetrical and cyclic reversal loads, Figs. 2.4a and 2.4b) 
and floor subassemblages (Fig. 2.4c).  In these composite joints, angle connections 
were used where composite beams were connected to steel column by means of web 
and bottom flange angles.  The two specimens were comparable except for the size of 
the seat angle and slight difference in the gauge lengths to the bolts.  The typical test 
set up is shown in Fig. 2.4b.  The amount of deflection at the bottom end of the 
column was used to control the amplitude of the load cycles.  Generally the joints 
were subjected to cyclic loadings at interstorey drifts of 0.1, 0.25, and 0.5 to 3.0 
percent.  The drifts were so determined to suit on the system behaviour for 
convenience, rather than to model any particular wind or seismic load.  It was found in 
both tests that no observable distress was noted at interstorey drift of 0.75%.  The first 
large non-linearities in the hysteresis loops were noted at an interstorey drift of 1.5%, 
where there was an increase in number of cracks and the existing cracks opened more 
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(negative moment) and the flange angle began to separate from column flange 
(positive moment).  The tested semi-rigid composite joints could be used to provide 
lateral stability for composite sway frames if design drifts were kept below 0.5%, 
which is normal in practice. 
 Three full-scale composite joint subassemblages were tested under cyclic 
loading by Lee and Lu (1989).  The aims of the experimental program were to study 
the stiffness, strength, ductility and energy dissipation capacity of the subassemblages, 
emphasizing the composite slab and panel zone deformation.  It was concluded that, 
under positive loading, the composite action of the floor slab might increase the 
stiffness and strength of steel beam substantially.  However, the increase in stiffness 
will diminish under repeated load reversals.  At the same time, the presence of floor 
slab increases the stiffness of the panel zone because of the enlarged panel zone size.  
The depth of the panel zone, as indicated by the test results, should be measured from 
the centerline of the concrete slab to the centerline of the lower flange.  
 Plumier and Schleich (1993) tested eighteen specimens on exterior and twenty 
specimens on interior composite beam-to-column joints under load reversal condition.  
Six joint details as shown in Fig. 2.5 were tested.  It was concluded that: 
1. the contribution of the shear panel to the overall energy dissipation is a 
necessary feature for steel and composite structures and should not be 
neglected. 
2. the connection configuration tested can be used as safe dissipate zones.  
Recently, Wang et al. (1996) have tested two interior and one exterior 
composite flush end plate joints.  The parameters varied included reinforcement ratio 
and amount of shear studs supplied.  It was noted from the test that the hysteretic 
curves of the joint nodal zones of the test specimens are stable and ductile.  Concrete 
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slab failure governed the ultimate moment capacities of the joints.  It was also pointed 
out that as long as the reinforcement bars were properly and adequately anchoraged, 
the exterior joint would provide substantial moment resistance.  Finally, the joints 
produced larger hogging moment capacity compared with sagging moment since the 
moment arm for the former was larger, as indicated by the test results.  
The most recent study on composite joints subjected to reversal of loading was 
carried out in USA (Liu and Astaneh-Asl, 2000a & b).  Sixteen joint tests were 
conducted with an aim to determine the contribution of typical simple connection to 
the lateral resistance of composite frames when combined with concrete to form 
composite joint.  The connection details include typical bolt shear tab connection with 
various number of bolt, a supplement seat angle, a stiffened seat, pre-80’s shear tabs 
and a top-and-bottom-angle connection.  Variations included the presence of the floor 
slab, the type of concrete used, the amount of reinforcement in the slab and the 
presence of concrete within the column web cavity.  In general, the tested connections 
behave as partially restrained connections with significant moment capacity, ductile 
behaviour and large drift rotations.  On basis of test result, a model was proposed to 
establish simplified M-φ curve for composite shear tab connection, which defines the 
key parameters such as ultimate rotation capacities, maximum positive bending 
moment, negative bending moment and initial stiffness. 
 
2.4 SUMMARY 
 From the above review, it is suggested that considerable work has been 
conducted on semi-rigid composite joints.  In certain aspects of joint study, knowledge 
is mature enough to apply the concept of semi-rigid in design, using the realistic semi-
rigid behaviour.  However, there is still a large amount of research work remains to be 
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done in different aspects to supplement the existing one.  Some of these are listed 
below and they form the main contributions of the present study. 
1. The calculation procedures developed are based on spring models that assume 
the center of compression is located at the center of bottom beam flange.  This 
is true for most of the steel and lightly reinforced composite joints.  However, 
for medium and heavily reinforced composite joint, the possibility of beam 
web subjected to compression is high and its contribution to the M-φ curve 
should be explicitly accounted for. 
2. The possibility of employing haunched joint in sway and non-sway composite 
frames is to be investigated by confirming its moment rotational characteristic 
through test. 
3. The composite action in haunch joint design, which was previously designed 
as non-composite (Lawson and Rackham, 1989; Boswell, 1992) is to be 
understood. 
4. To propose a calculation procedure for various composite joint types (flush 
end plate, extended end plate and haunched) subjected to positive moment, 
which received less attention as shown in the review. 
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Fig.2.3   Reversal of loading 
 
 
(b) Single connection cyclic test. (a) Single connection monotonic tests. 
(c)  Floor subassemblage tests. 
Fig.2.4   Specimen types tested at University of Minnesota, USA (Leon, 1990). 
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Fig. 2.5   Type of joint details tested by Plumier and Schleich (1993) 
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To achieve the research objectives listed in Chapter 1, an experimental 
program consisting of one steel and thirteen composite joint specimens were carried 
out.  The experimental program was divided into two phases.  In Phase I, six 
composite beam-to-column joints were tested under symmetrical loading conditions, 
using the test set up as shown in Fig. 3.1.  One steel beam-to-column and seven 
composite beam-to-column joints were included in Phase II.  They were tested under 
reversal of loading in the test set up shown in Fig. 3.2.  Details of the test specimens 
and the testing procedures are elaborated in the following sections. 
 
3.2 SPECIMENS AND TEST SETUP 
3.2.1 Phase I - Tests under Symmetrical Loads 
Phase I test consisted of six test specimens, denoted as SCCB1 to SCCB6.  
They were in cruciform arrangement as shown in Fig. 3.1.  This is to simulate the 
internal beam-to-column joints in a composite non-sway frame.  The details of the 
specimens are shown in Table 3.1.  Two 305x165x54UB of 1.6 m in length and one 
203x203x46UC were connected to form the cruciform arrangement.  The beams were 
connected to the column flanges by means of flush end plates and two rows of M20 
Grade 8.8 bolts, [Grade 8.8 (Grade X.Y) where X is referred as 1/100 of the ultimate 
tensile stress and Y is the ratio of yield to ultimate stresses multiplied by ten], as 
shown in Fig. 3.3.  This is a typical connection type used in current practice because 
of its relatively stronger moment resistance and higher initial stiffness.  A 120-mm-
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 deep solid slab was chosen instead of a slab with profiled metal decking so as to 
exclude the influence of profiled metal decking to the overall joint behaviour.  The 
width of the concrete slab was taken as seven times the column width as proposed by 
Leon and Zandonini (1992) and this worked out to be 1.5m. 
The slab reinforcement ratios for Specimens SCCB1, SCCB2, and SCCB3 
were 0.5%(small), 1.12%(medium) and 1.56%(large) respectively.  The columns of 
all the joint specimens were stiffened with transverse stiffeners welded to the web at 
the level of the bottom beam flange.  The inclusion of large quantities of 
reinforcement into the slab might increase the moment resistance.  But to achieve this, 
tensile force generated by the moment must be balanced by the compression force 
acting on the lower part of the beam-to-column connection.  Otherwise, a strong 
tensile capacity with weak compression resistance will not be able to generate the 
required moment capacity making the increase of slab reinforcement unnecessary. 
 The reinforcement type used was high yield deformed bars.  Longitudinal 
reinforcement of 12 or 16 mm diameter (T12 or T16) were distributed in one layer 
with equal spacing over the width of the slab besides the column section.  Two layers 
of 10mm diameter deformed bars were supplied as transverse reinforcement to 
prevent longitudinal splitting failure of the concrete slab, as shown in Fig. 3.4.  Two 
longitudinal rebars were placed at the bottom and near the edge of the slab for tying 
the bottom transverse reinforcement.  They were deliberately cut off at the plane of 
beam-to-column connection, as shown in Fig. 3.5.  This was to prevent the bottom 
layer of the longitudinal bars from contributing to the moment resistance.  The design 
of transverse reinforcement and shear connectors for SCCB1, SCCB2 and SCCB3 
were based on BS 5950 (1990), Part 3.1 and full composite design was assumed. 
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  SCCB4, SCCB5 and SCCB6 were similar to SCCB2 except that SCCB4 
consisted of a steel column without the column web stiffeners and the other two using 
composite columns.  SCCB4 served as the benchmark specimen for comparison with 
those specimens with column web stiffeners in the form of transverse plates or 
concrete encasement.  A direct comparison between stiffened and unstiffened 
composite connections could be made, and the effect of having concrete encasement 
or horizontal stiffeners to act as an effective means to resist compression force could 
be studied. 
 Similar to SCCB4, both SCCB5 and SCCB6 were provided with a 1.12% of 
reinforcement ratio.  However, instead of bare steel columns, composite columns that 
were partially encased and fully encased were used in SCCB5 and SCCB6, 
respectively.  The sections are shown in Figs. 3.6 and 3.7 and they were designed 
based on EC4 (1994). 
The test set up for composite joint tests in Phase I is shown in Fig. 3.1.  Two 
independent hydraulic jacks, mounted on the top girder of the test rig were used to 
apply symmetrical loading to the specimen.  Two loads with same the magnitude were 
applied symmetrically to each cantilever at 1.5m from the column flange.  The 
moment acting on the connection could be easily obtained by simply multiplying the 
load with the lever arm, which is the centre of the load and to the column flange.  The 
entire load from each hydraulic jack was transferred to the specimen through a short 
box column welded to the steel beam.  This was to avoid excessive crushing of the 
concrete when it was subjected to a concentrated point load.  At the beginning of the 
testing, the increment of load is small and slow so that the first crack load could be 
detected.  After the concrete cracked, the first unloading cycle was carried out.  This 
was to check stiffnesses before and after concrete cracked.  Two more unloading 
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 cycles were performed during the testing, corresponding to one-third and two-thirds 
of the predicted failure load respectively.  After reaching the peak load, displacement 
control was applied so that the post-buckling behaviour could be obtained.  
 
3.2.2 PHASE II – TESTS UNDER LOAD REVERSAL 
One bare steel joint and seven composite specimens denoted as SJ1 and CJ1 to 
CJ7, respectively, were tested to failure.  The details of the specimens are shown in 
Table 3.2.  Joint details for SJ1 such as size of end plate and beam sections were 
identical to Phase I, except larger column section, 305x305x97UC was used.  CJ1 and 
CJ2, as the composite counterpart of SJ1, have the same details as SJ1 except a 120 
mm thick concrete slab was cast on top of the steel beam sections.  A reinforcement 
ratio of 1.12%, was found to be the most optimum in Phase I tests and was employed 
in CJ1 and CJ2, as well as the rest of the composite joint specimens.  The arrangement 
of the rebars was similar to those in Phase I.  Larger column sections were used 
compared with those in Phase I simply because significant moment will be transferred 
by the connections to the column when subjected to reversal of loading.  When the 
joint was under positive moment (bolts in tension and concrete in compression), the 
lower row/s of bolts were the only source of tensile force.  To prevent premature and 
sudden failure due to bolt fracture, the bolts used in Phase II were graded 10.9.  CJ3 
was similar to CJ1 and CJ2 except that the panel zone was stiffened with a 10mm 
thick doubler plate welded to the column web as shown in Fig. 3.8a.  Extended end 
plate (extension at the bottom beam flange) and haunch connections were used in 
Specimens CJ4, CJ5 and CJ6 to enhance the moment resistance against positive 
moment.  The difference between CJ5 and CJ6 was the depth of the haunch 
employed.  The haunch depth of CJ6 was equal to the depth of the beam section 
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 whereas the haunch in CJ5 was only half of the beam depth.  The haunch length of 
both CJ5 and CJ6 was 450 mm so that the angle between haunch flange and end plate 
was about 450.  In anticipation of a larger moment transfer by a haunch connection to 
the column, a larger column section, 305x305xUC198 was used to resist a higher 
shear force generated by the unbalanced moments from the adjoining beams.  The 
column web of CJ4 was stiffened by a doubler plate (as shown in Fig. 3.8a), whereas 
for CJ7 the column web was encased with concrete, which provided another means to 
stiffen the panel zone of the column.  All the composite joint specimens in Phase II 
carried the same shear connector arrangement as in Phase I.  Double shear connectors 
(24 nos) with longitudinal spacing of 130 mm were used to achieve full composite 
action between the slab and steel beam.  The details of extended end plate and haunch 
connections used in Phase II specimens are shown in Fig. 3.8b. 
The schematic diagram of the joint test set up for Phase II specimens is shown 
in Fig. 3.2.  The joint specimens were loaded at the top of the column by a 
horizontally placed actuator in accordance with the procedure given in ECCS (1986) 
(except for CJ1, in which monotonic loading was applied), as depicted in Fig. 3.9.  
The free ends of the cantilever beams were connected to two rigid links attached with 
two load cells, which record the vertical forces.  The yield displacement, ey, for 
composite joint specimens was obtained from monotonic curve following the 
procedures suggested by the ECCS.  However, this value was arbitrarily assumed for 
SJ1, as no monotonic curve was available at the time of testing.  The specimens were 
loaded until failure or when the maximum stroke of the actuator was reached.  
Generally, the bare steel assembly was first constructed.  The steel beams and 
column were assembled by either end plate or haunch connections and bolted to form 
a cruciform configuration.  All the bolts were tightened by a torque wrench with a 
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 consistent torque of 200 Nm.  This magnitude of torque was chosen to ensure 
consistency for comparison of connection behaviour between specimens so that the 
behavioural effects associated with bolt tightening forces can be eliminated.  
Concreting was carried out soon after the installation of the formwork.  In order to 
ensure the quality and consistency of the wet concrete, ready mixed concrete of Grade 
30~40 was used. 
 
3.3 INSTRUMENTATION 
The main objective of the test was to study the full response of the joints in 
terms of moment-rotation relationship.  Moment was calculated using equilibrium of 
forces and rotation was measured by using readings from the displacement 
transducers.  Electrical resistance strain gauges were used to measure the strain in the 
steel in order to monitor yielding and to determine failure modes.  They were placed 
at points of high stress concentration, top and bottom of beam flanges and near the 
column flange.  Strain gauges were also placed on some bolts connecting the beams to 
the column flange for Phase II specimens.  This was intended to determine the tensile 
forces in the bolts at each of the load steps.  Displacement transducers (SGTD) were 
positioned at 100 mm, 200 mm and 300 mm from the column flange.  These 
transducers were positioned close to the column flange to exclude the rotation due to 
curvature bending of the beam.  Three transducers were used to counter check the 
consistency of displacement readings recorded.  The details of the instrumentation for 
Phase I and II specimens are shown in Figs. 3.10 and 3.11.  The major difference 
between Phase I and II was the additional diagonal transducer and the strain gauged 
bolts.  More strain gauges were attached to the beam web and concrete surface in 
Phase II.   
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  The connection moments were obtained by multiplying the applied load 
(Phase I) or recorded load (Phase II), P by the length of lever arm, ‘a’, defined as the 
distance from the centre of the load at the tip of the beam to the surface of the column 
flange, as shown in Fig. 3.12.  Rotation of joint, when panel zone shear is involved as 
in Phase II specimens, includes panel zone rotation, φz and connection rotation, φcon.  
On the other hand, only φcon is included in the rotation of the joint for Phase I joint 
specimens.  The moment-rotation (M-φj) relationships for every joint specimen were 
recorded and they are presented in the form of M-φj curves. 
 Generally, the M-φj curves plotted by using the displacement readings from 
the three transducers on each side of the specimen are rather similar.  To keep the 
consistency, the displacement readings from the middle transducer are used to plot the 
M-φj curves in this thesis.  
 
3.4 MEASUREMENT OF JOINT ROTATION  
Generally speaking, there are four types of rotation in a joint test: - 
1. beam rotation, φb 
2. column rotation, φcol 
3. panel zone rotation, φz 
4. connection rotation, φcon 
The relationships between these rotations are shown in Fig. 3.13.  In this 
study, the rotations of interest including panel zone (φz) and connection (φcon) 
rotations, and the summation of both rotations to form the joint rotation, φj. 
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 3.4.1 Beam rotation, φb
 The beam rotation is the rigid body rotation of the beam with respect to the 
column centreline.  The magnitude of the beam rotation is proportional to the distance 
from the column flange.  The farther the distance from the column face, the larger the 
beam rotation is, due to the beam curvature.  In the test program, transducers were 
located very near from the column face (approximately 100, 200 and 300 mm 
respectively) and it was assumed that the connection rotations measured at these 
locations did not include beam curvature.  This is because the beam curvature was 
assumed to be very small and negligible. 
 
3.4.2 Column rotation, φcol
 The column will only be rotated when unbalanced and reversal moments cause 
it to rotate with respect to its vertical axis.  This means the column rotation only exists 
in Phase II where the joints were subjected to moment reversal.  However, the 
transducers did not record this source of rotation because they were attached to the 
column during the testing.  
 
3.4.3 Panel zone rotation, φz
 The panel zone in a joint deforms when subjected to panel or horizontal shear 
due to unbalanced or reversal moment.  In Phase II of the test program, the panel zone 
rotation was measured by a diagonal transducer as shown in Fig. 3.14.  Both ends of 
the diagonal transducer were pin jointed and the deformation of the panel zone due to 
shear could be recorded.  Simple calculation can be used to transform this value into 
panel zone rotation (Liew et al., 1997).  From Fig. 3.15, 








)()()( +−+=°+φ  






)()([     (3.1) 
where: 
a = original length of the inclined transducer, 
disp = displacement reading from the inclined transducer, 
b, c = vertical and horizontal projected length of the transducer. 
 
3.4.4 Connection rotation, φc 
Connection rotation, φcon, is a measurement of overall deformations of 
different components in the connection and it includes deformation of steel members 
(excluding panel zone deformation) end plate, shear connectors, elongation of the 
reinforcement and bolts.  It can be defined as the relative rotation of the column and 
beam as shown in Fig. 3.13.  It can be determined using displacement readings, d1, d2 
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where d1, d2, d3 = displacement reading recorded by the three transducers. 
For haunch joint specimens in Phase II, the vertical component of the 
displacement recorded by inclined transducers can be deduced as δv = δcosα where δ 
= transducer reading, α = the angle between the inclined transducer and the vertical 
axis, as shown in Fig. 3.11.  Subsequently, φcon can be calculated from Eq. (3.2).  
Generally,  
φcon = φb – (φcol + φz)       (3.3) 
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 where 
φb    = rotation of the beam at the point where its mid depth intersects the column face 
φcol = rotation of the column centreline where it intersects the beam mid depth 
For Phase I tests, there were no φcol and φz since all the specimens were 
subjected to symmetrical loading, so 
φcon = φb        (3.4) 
 
3.4.5 Joint rotation, φj
 Joint rotation, φj is the sum of the rotations contributed by the panel zone and 
connection deformations.  φj is of interest especially in Phase II specimens and it is 
calculated as: 
φj = φcon + φz        (3.5) 
 
3.5 MATERIAL PROPERTIES 
 Steel coupons cut from the joint specimens were tested to determine the 
mechanical properties of steel.  Four coupons were taken from the flange and web 
plates of the section.  The strengths of the end plate and the reinforcement bars were 
also tested.  The test values and the average strengths are summarised in Tables 3.3 
and 3.4.  Concrete cubes and cylinders were prepared with the same concrete as that 
of the test specimens and they were tested along with the joint specimens.  The 
material properties thus obtained are summarised in Table 3.5. 
 
3.6 TEST RESULTS 
In this section, the behaviour of composite joint specimens tested will be 
presented.  The discussion is divided into two sections.  In Section 3.6.1, discussions 
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 are focused on Phase I specimens (SCCB1 to SCCB6), in which the specimens were 
tested under symmetrical loading condition (Liew et al., 2000).  Section 3.6.2 
discusses the behaviour of the joint specimens tested under reversal loading condition 
in Phase II (SJ1, CJ1 to CJ7) (Liew et al., 2003a).  Generally, the load transfer 
mechanisms and key properties of the beam-column joint with respect to moment 
capacity, rotational stiffness and rotation capacity will be discussed and compared.  
Understanding the joint behaviour and load transfer mechanisms is vital and 
necessary to substantiate the assumptions made in Chapter 4, in which the expressions 
for moment capacities and initial stiffness calculations were derived.  The test results 
obtained from the test are listed in Tables 3.6 and 3.7 for specimens in Phases I and II, 
respectively.  The results obtained from the tests are summarised in Chapter 4 along 
with the corresponding analytical values and their comparisons. 
 
 
3.6.1 PHASE I – SPECIMENS TESTED UNDER SYMMETRICAL 
LOADING 
3.6.1.1 Specimens SCCB1, SCCB2 and SCCB3 (Influence of reinforcement ratio) 
 These specimens, SCCB1, SCCB2 and SCCB3, were designed to investigate 
the effects of reinforcement ratio on the moment capacity, rotational stiffness and 
rotation capacity.  The details of the specimen are shown in Fig. 3.6a with 
reinforcement ratios of 0.5, 1.12 and 1.56% respectively.  The corresponding 
moment-rotation curves (M-φj curves) are shown in Fig. 3.16.  In these curves, first 
yield in tension generally refers to either first yielding of the rebar, beam or column.  
On the other hand, first yield in compression indicates one of the compression 
components such as the column web or bottom beam flange, reaches first yield.  From 
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 the M-φj curves, it is observed that the joints possessed high initial rotational 
stiffnesses when they were subjected to small loads.  The initial rotational stiffnesses 
were clearly enhanced with the increase in reinforcement area especially in SCCB3.  
The first cracks, initiated at the tips of the column flanges occurred at moments of 30, 
37.5 and 56.2 kNm, respectively.  The test results showed that not only initial 
rotational stiffnesses have been enhanced greatly; the first crack moment resistances 
have also been increased in the ratio of 1.25 and 1.87 with respect to the 
corresponding value of SCCB1. 
 After the first crack, an unloading cycle was carried out to check the rotational 
stiffness at that stage.  The rotational stiffness of the specimens after the occurrence of 
first crack did not deteriorate much, i.e., the connection remained stiff.  This was 
because the concrete slab was still in a stiff condition since the cracks had not 
penetrated through the concrete slab.  Hence, the rotational stiffness of the connection 
did not reduce significantly.  The same behaviour was also observed in tests by Xiao 
(1994).  Almost every specimen exhibited this kind of behaviour. 
 Loading on the specimen was continued and two more unloading cycles were 
carried out at one-third and two-thirds of the predicted failure load.  From the M-φj 
curves shown in Fig. 3.16, it can be seen that the moment-rotation relationships 
remained linear until 120, 250 and 300 kNm for SCCB1, SCCB2 and SCCB3, 
respectively.  Upon further loading, the connection rotational stiffnesses started to 
deteriorate.  The reduction in rotational stiffnesses may be attributed to the increase in 
crack width.  The crack pattern of SCCB1 is shown in Fig. 3.17.  Initially, the cracks 
started at the tips of column flanges and propagated in the direction of the slab edge as 
load was increased.  As the load increased further, the crack length and number of 
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 cracks increased.  At a later stage in the test, the crack lines tended to be paralleled, 
instead of inclined, to column flanges as in the beginning stage. 
 The ultimate moment capacity of SCCB1 was 271 kNm and the rotation at the 
ultimate moment was 25 mrad.  The failure of SCCB1 was triggered by tension 
failure.  It comprised reinforcement yielding, bending of the end plate and tension 
yielding of the column flange and web.  The failure modes of SCCB1 can be seen in 
Fig. 3.18.  The strain gauge readings indicated yielding in rebars.  It was observed that 
a load transfer must have occurred from reinforcement bars to the tension part of the 
column since the yielding of reinforcement occurred first followed by the bending of 
end plate and column flange. 
 After attaining the peak load, lateral-torsional buckling was observed in 
specimen SCCB1.  The excessive cracks occurring in the vicinity of the concentrated 
load point and the through-thickness cracks at the slab-column intersection weakened 
the beam and thus reduced the lateral-torsional rigidity of the beam.  The severely 
cracked concrete slab was no longer stiff enough to provide lateral and torsional 
stability and eventually lateral torsional buckling occurred at the post limit range.  The 
specimens tested after SCCB1 were, therefore, braced against twisting as shown in 
Fig. 3.19.  Diagonal angle bars were welded to the steel beam web and plates 
embedded in the concrete slab to provide torsinal rigidity.  The M-φj curve showed 
that the connection failed in a ductile manner since the connection was able to sustain 
substantial deformation at the peak load. 
 The ultimate moment capacities for SCCB2 and SCCB3 were recorded as 440 
and 449 kNm, respectively.  This shows an increase of about 60% compared with 
SCCB1.  It was expected that SCCB3, with higher percentage of reinforcement would 
have higher moment capacity compared with SCCB2.  However, this was not realised 
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 from the test observations.  This can be explained by the failure modes for these 
specimens.  The failure mode for SCCB3 is shown in Fig. 3.20.  These specimens had 
the same failure mode, i.e. inelastic buckling of the compression flange and beam 
web.  The failure was initiated at the bottom flange in the form of buckling and then 
followed by buckling of the beam web. It was this failure of components that 
prevented the specimens from attaining higher moment capacities.  With these 
observations, it can be concluded that the reinforcement in the concrete slab must be 
carefully selected to be commensurate with the local resistance of compression 
components, especially beam flange compression resistance.  Otherwise, the increase 
of reinforcement ratio will be useless because of a weak compression resistance. 
 The crack patterns of failed specimens for SCCB2 and SCCB3 are similar to 
have shown in Fig. 3.21 for SCCB2.  Cracks in SCCB2 were more inclined than those 
of SCCB1.  The crack pattern followed the type of shear flow in the slab, i.e., on the 
stiffness of the steel connection and on the distribution of shear connectors in the 
beam.  More flexible steel connections and less effective shear connectors lead to 
almost straight cracks running transversely across the slab.  Stiffer connections 
increased the shear lag and this is reflected in the inclined pattern of the cracks 
(Zandonini, 1989).  These characteristics were observed in the tests since SCCB2 and 
SCCB3 are the stiffer connections, which had a relatively more inclined crack pattern 
than SCCB1.  The increase of slab reinforcement also ensures a more uniform 
distribution of cracks in the slab.  This agrees well with the results reported by Van 
Dalen and Godoy (1982). 
 The ultimate rotations corresponding to the ultimate moment of SCCB2 and 
SCCB3 were 51 and 37 mrad.  The rotation capacities for both specimens are found to 
be higher than that of SCCB1.  It has been observed that an increase of reinforcement 
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 ratio may not lead to an increase of rotation capacity since the rotation capacity for 
SCCB3 is lower than SCCB2 (rotation capacity is defined as the rotation at the peak 
moment).  This result shows that the relationship between reinforcement area and 
rotation capacity of a composite connection is not linearly related.  When the 
reinforcement reaches a certain limit, a further increase in reinforcement will not 
result in an increase in rotation capacity of the composite connection.  A higher 
position of plastic neutral axis is associated with higher values of the reinforcement 
ratio.  This means that the deformation demand to rebars in joints with high 
reinforcement ratio is higher; even if rebars yielding govern the failure, the rotation 
capacity may hence be reduced.  This explains the fact that, in certain cases, the 
increase of reinforcement area leads to a drop in rotation capacity.  The rotation 
capacity is limited due to the failure mode other than ductile yielding of rebars or 
compact steel sections.  Similar results were shown in Anderson’s (1994) test 
program. 
 The increase in the reinforcement ratios affects the connection’s properties, 
such as first crack moment, ultimate moment capacity, rotational stiffness and rotation 
capacity, in different proportion.  This is because many parameters, besides 
reinforcement ratio are affecting the connection behaviour.  The effects of these 
parameters on the behaviour of connection may not be proportional and linear. 
 
3.6.1.2 Specimen SCCB4 (Effect of column stiffening) 
 Specimen SCCB4 was made with a flush end plate exactly like SCCB2 but 
without column web stiffeners.  The reinforcement ratio used was 1.12% as in the 
case of SCCB2.  This is not a practical way to design a composite connection without 
column web stiffeners because it will produce column web buckling, leading to 
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 premature failure in the joint.  However, this is a compromise between design and 
fabrication since welding of transverse column web stiffeners incurs extra cost and 
time in fabrication.  Furthermore, it impairs the effort of automating the fabrication of 
hot rolled column section.  SCCB4 was designed specifically for a direct comparison 
with SCCB2 and SCCB5.  The important features to take note when comparing these 
specimens are the effects on the key connection properties (moment capacity, 
rotational stiffness and rotation capacity) arising from unstiffened or stiffened column 
(either with transverse web plates or concrete confinement in the column web). 
 The M-φj curve of SCCB4 is shown in Fig. 3.22.  The crack pattern of SCCB4 
looked similar to SCCB2 and SCCB3.  As before, the initial fine cracks started at the 
tips of column flanges.  The first crack was observed at 34 kNm.  The cracking 
resistance for this specimen was similar to SCCB2 since both specimens adopted the 
same amount of reinforcement.  Based on the test results, it was observed that 
exclusion of column web stiffeners had a negligible effect on the first crack 
resistance.  Like the other specimens, the loss of rotational stiffness after cracks 
appeared in the concrete was again negligible and the curve remained linear.  The 
ultimate moment capacity obtained was 186 kNm.  The failure modes as shown in 
Fig. 3.23 were associated with excessive deformation of the column flange and 
buckling of the column web.  The failure mode was expected because the 
compression resistance of unstiffened column web was found to be the weakest part 
of the whole connection during preliminary design.  The rotation achieved at the peak 
load by SCCB4 was 16 mrad.  The relatively small rotation capacity was due to a 
sudden drop in moment capacity, which resulted from premature failure of the column 
web.  
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  Fig. 3.24 shows a comparison of moment capacity and rotational stiffness 
between SCCB2 and SCCB4.  The ultimate moment and rotation capacities of 
SCCB4 are respectively by 58% and 70% lower than those of SCCB2.  The reduction 
in capacities are rather significant, which is undesirable in actual design practice.  
This indicates that waiving of column web stiffener is not feasible if the design is 
aimed to get sufficient moment and rotation capacities.  Other ways of stiffening the 
column web must be provided to avoid this premature failure, if welding of web 
stiffeners is not the preferred choice. 
 
3.6.1.3 Specimens SCCB5 and SCCB6 (Effect of column stiffening) 
 A composite column consisting of bare steel column encased with concrete is 
basically designed to give a greater capacity in terms of both axial load and bending 
moment.  In fact, the steel column section in a composite column is never attached 
with any form of column web stiffeners because the presence of stiffeners will block 
the flow of wet concrete to the lower part of the column.  Designers and fabricators 
prefer this type of construction because, from design point of view, it has greater 
resistance; and from fabrication point of view, it allows full automation.  The concrete 
confinement in the composite column can be reasonably used as a means to enhance 
column web buckling resistance. 
 A fully encased column may be preferred to a partially encased column as it 
achieves better fire protection.  This is the rationale behind SCCB6.  The 
reinforcement and steel details of SCCB6 were kept basically the same as SCCB5 
except that the steel column is fully encased in concrete.  The area of concrete used in 
SCCB6 is within the limits set for cover to the structural steel section suggested in 
EC4 (1994), as follows; 
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♦ y direction, b4.0cmm40 y ≤≤ . 
♦ z direction, h3.0cmm40 z ≤≤ . 
The notations used are shown in Fig. 3.25.  A larger concrete area can be used 
but should be ignored in the calculation of axial compression resistance. 
 SCCB5 was designed in order to investigate the effect of concrete 
confinement on column web buckling resistance and consequent effects on the key 
properties of composite connections.  Fig. 3.26 shows the details of the shear links 
and longitudinal reinforcement bars for SCCB5.  The links were tied to the 
longitudinal bars as well as welded to the column web.  The longitudinal bar size and 
spacing of shear links were carefully selected so that spalling of concrete is unlikely 
to occur.  In this case, the horizontal shear criterion is not critical since the specimens 
were loaded symmetrically.  However, if the specimen is subjected to unbalanced 
moment or reversal of loading, the requirements for shear links will be more stringent 
and would need careful attention.  
The shear links and details of longitudinal bars for SCCB6 are shown in Fig. 
3.27.  The bar type and spacing of shear links were designed exactly the same as 
SCCB5.  The shear links were tied to the longitudinal bars except at the vicinity of 
joint, where shear links were welded to the beam web. 
 The M-φj curve of SCCB5 is shown in Fig. 3.28.  The first crack was noticed 
at 30 kNm near the tips of column flanges and then other cracks spread subsequently 
through the length of slab.  The crack pattern of the specimen is shown in Fig. 3.29a.  
The magnitude of first crack resistance was similar to that of SCCB2 and SCCB4 
because they all had the same amount of reinforcement.  However, the spacing of 
cracks was greater compared with SCCB2 and SCCB4.  Similar to previous 
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 specimens, initial rotational stiffness was not affected much by the appearance of the 
first crack.  The stiffness loss became evident only when applied moment achieved 
300 kNm.  At this point, the crack width became larger and some cracks already 
penetrated through the whole slab depth.  This caused significant reduction in 
stiffness.  
 The comparison of initial rotational stiffness and moment capacity between 
SCCB2 and SCCB5 are shown in Fig. 3.29b.  As expected, SCCB5 exhibits higher 
initial rotational stiffness because of the concrete encasement.  The ultimate moment 
capacity and ultimate rotation capacity were respectively 410 kNm and 56 mrad, 
which are close to those of SCCB2. The failure modes observed are similar to those in 
SCCB3, i.e., inelastic buckling of compression flange and beam web, which are 
shown in Fig. 3.20.  No severe crack was observed at the joint panel, indicating that 
the concrete was able to resist further loading.  The enhancement of compressive 
resistance of the column web due to concrete encasement can be calculated (COST 
C1, 1999) as: 
 
      (3.6) ckwccfc,effRd,c,wc,c f85.0)tb(tF −=
 
where  teff,c  is the effective thickness of concrete in resisting compression, 
assuming dispersions of 45° from the bottom beam flange through the 
end plate and 1:2.5 through the column flange as shown in Fig. 3.30, 
bfc  is the flange width of steel column, 
twc  is the thickness of column web, 
fck  is the concrete cylinder strength. 
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 The total compressive resistance of column web in SCCB5 and SCCB6 
worked out to be 1108 kN.  This value is slightly higher than the corresponding 
resistance of 1042 kN for SCCB1, SCCB2 and SCCB3, in which the column webs are 
transversely stiffened at the level of bottom beam flange.  Thus, the concrete 
confinement in the composite column acts as an effective stiffener to the column web. 
 Comparison of the test results between SCCB5 and SCCB6 showed that the 
composite connection behaviour is not very much affected by the fact that the column 
is fully or partially encased.  The M-φj curves of SCCB5 and SCCB6 are shown in 
Fig. 3.31. The ultimate moment capacity was 423 kNm and the first crack occurred at 
38 kNm for SCCB6.  The crack pattern is similar to those of SCCB5.  Although 
yielding was detected in the rebars, the final failure was due to inelastic buckling of 
the bottom beam flange, similar to SCCB3 in Fig. 3.20.  The moment capacity 
between SCCB5 and SCCB6 differs by only 3%. The initial rotational stiffnesses of 
these specimens are almost identical. 
 
3.6.2 PHASE II – SPECIMENS TESTED UNDER REVERSAL LOADING  
Experimental values of maximum moment, initial rotational stiffness and failure 
mode are tabulated in Table 3.7.  Moment versus joint rotation (M-φj) curves for all 
the specimens in Phase II are shown in Figs. 3.32a-h.  Initial rotational stiffness was 
taken as the slope of elastic unloading curve.  Generally, the pattern of discussion for 
Phase II specimens is similar to Phase I where emphasis will be placed on the internal 
load transfer mechanisms and the key properties of the joint such as moment capacity, 
stiffness plus a description on their failure modes.  Owing to the reversal of loading, it 
has resulted in some difficulties in quantifying the exact magnitude of the first crack 
moment and crack pattern.  Therefore, no comment is made on first crack moment 
 49
 and crack pattern.  In depth description on the deformation state of various joint 
components will be presented.  In all the curves shown, positive and negative values 
represent tensile and compressive strains or negative and positive moments, 
respectively.  It is important to recognize that negative strain readings in bolt strain 
gauges are meaningless because bolts are only effective in resisting tensile force. 
The presentation of the experimental results is divided into two parts.  A general 
description related to the deformation, stiffness, moment capacities and visible 
observation is included in the first part of the chapter.  In this part, each specimen is 
not described in detail so as to avoid repetition when results are similar to those 
reported previously.  The second part consists of a detailed examination of separate 
important joint component in internal load transfer such as reinforcement bar and 
bolt-row in tension, concrete in compression etc.  
 
3.6.2.1 Specimen SJ1 
SJ1 was a bare steel joint specimen used as a benchmark for comparison with 
other composite joint specimens.  The joint’s moment rotational responses, as shown 
in Fig. 3.32a, are almost identical in both the positive and negative moment regions 
because of the symmetry of the connection with respect to the mid depth of the beam 
section.  The difference between maximum negative and positive moment capacities, 
which should be the same theoretically, is approximately 11%.  Fig. 3.33 shows the 
moment versus bolt strain curves.  The bolts were not stressed until the moment 
reached a value of 30 kNm.  This was probably due to the lack of fit of the joint at the 
beginning of the test.  When the moment increased beyond 100 kNm, the moment-
rotation response of the steel joint started to soften.  At this stage, one or more joint 
components such as bolts in tension, end plate and joint panel had reached the 
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 yielding limit and the joint deformed excessively.  The bolts continued to be stressed 
in tension until bolt fracture occurred at B8 as shown in Fig. 3.35.  All the four bolts 
were loaded beyond the elastic strain limit of 3500µε with a 0.2% proof stress of 700 
N/mm2 and modulus elasticity of 205 kN/mm2.  It can be deduced that the Plastic 
Neutral Axis (PNA) of the joint was located somewhere between the top and bottom 
bolt rows, since only the top bolts recorded tensile strain when SJ1 was subjected to 
negative moment, and vice versa.  For simplification, EC3 model assumes that the 
centre of compression is at the centre of bottom beam flange. 
The view after failure of Specimen SJ1 and the fractured bolt are shown in 
Figs. 3.34 and 3.35.  It can be seen that the spalling of white wash in the panel zone 
and yield lines in the column flange adjacent to bolt-rows indicated extensive yielding 
of panel zone and column flange.  The failure modes were a combination of excessive 
panel zone shear deformation, yielding and fracture of bolt and bending of end plate.  
According to Revised Annex J, EC3, the maximum potential bolt-row force was 
governed by yielding of bolt and bending of end plate, and it agreed with what were 
observed in the test. 
 
3.6.2.2 Specimens CJ1 and CJ2 
Test specimens CJ1 and CJ2 were identical but CJ1 was subjected to 
monotonic whilst CJ2 to cyclic loading in accordance with the ECCS procedure.  For 
the purpose of comparison, the M-φj curve of CJ2 is plotted by connecting the peak 
points of the hysteretic loops at different load levels and compared with the 
corresponding curve of CJ1 in Fig. 3.36.  The envelopes of the M-φj curves from the 
cyclic test were almost identical to the M-φj curve from monotonic test, indicating that 
the ECCS cyclic loading procedure did not significantly affect the monotonic M-φj 
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 curves behaviour of the composite joint.  The differences of the peak moment 
capacities were less than 12%. 
 The strain readings obtained for reinforcements and bolts for right joint 
(subjected to positive moment only) and left joint (subjected to negative moment 
only) are plotted in Figs. 3.37 and 3.38 against the applied moment.  Close 
examination of the bolt strain readings on the right connection in Fig. 3.37 reveals that 
the neutral axis at the beginning of the test was located in the concrete slab and all the 
bolts registered tensile strain.  The rate of increase in tensile strain was slow at the 
beginning, because of the lack of fit of the bolted connection.  Plastic neutral axis of 
the connection was located above the top bolt-row.  This observation is valid for most 
of the connection under positive moment and thus established the fact that all tensile 
bolt-rows should be taken into account when calculating positive moment capacity.  
When the connection was subject to negative moment, the reinforcements in 
the concrete slab were extensively stressed (>2000µε) compared to the upper bolt row 
(<500µε).  This showed that the reinforcements in the concrete slab resist a large 
portion of the tensile force and the bolts carried less load compared with SJ1.  The 
initial position of neutral axis was located above the bottom bolt row.  The transfer of 
tensile force from reinforcement bars to the top bolts started to occur when the applied 
negative moment exceeded 100kNm.  Upon further loading, the top bolts started to be 
stressed since the reinforcement bars located farther from the neutral axis attracted 
larger tensile force and began to yield. 
Concrete was found to crush in all composite joints subjected to positive 
moment at the ultimate state.  The large crack in concrete slab showed in Fig. 3.39 
implied that the PNA for CJ1 under positive moment was located in the concrete slab.  
The severity of concrete crushing, which can be taken as the depth of crushed 
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 concrete, was proportionate to the magnitudes of the compression force from the 
applied moment.  Failure modes of CJ1 and CJ2 were almost identical, viz. excessive 
panel zone shear deformation and concrete crushing.  The spalling of the white wash 
in the panel zone indicated extensive yielding at the column web. 
Comparison between SJ1 and CJ1 as depicted in Fig. 3.41 illustrates clearly 
that the enhancement in moment capacity and stiffness due to composite action.  
Positive moment capacity was increased by 60% and the negative moment capacity 
by two folds.  The enhancement in negative moment capacity was primarily due to the 
tension resistance from the slab reinforcement and an increase of moment arm.  
 
3.6.2.3 Specimen CJ3 
The panel zone of CJ3 was stiffened by a 10mm thick doubler plate welded to 
one side of the column web.  The details of doubler plate welded on column web in 
CJ3 and CJ4 are shown in Fig. 3.8a.  This is the typical detail when doubler plate is 
intended to enhance the panel zone resistance and column web buckling only.  Fig. 
3.42 shows the recommendations of detailing for doubler plate, including the size and 
welding details if it is intended to increase the resistance for column web in tension, 
column web crushing and buckling, and panel zone in shear (SCI/BCSA, 1995; 
SCI/BCSA, 1998) 
A view after failure of specimen CJ3 is shown in Fig. 3.43.  Since the panel 
zone was effectively stiffened by a doubler plate, no yielding of panel zone was 
detected.  The failure modes of CJ3 were a combination of bolt fracture, concrete 
crushing, end plate bending and tension cracking of the column web.  According to 
Revised Annex J, EC3, the expected failure modes should be either the end plate 
bending or bolt yielding.  The tension cracking at the root of the column web was 
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 unexpected in view of the EC3 model.  Such cracking was attributed to the welding of 
doubler plate adjacent to the root of the column web causing high tensile residual 
stress.  The welding caused brittleness and reduces the ductility of the materials 
adjacent to the root area.  Proper welding procedure should be adopted to avoid brittle 
fracture due to welding near the column root area. 
Comparison of the test results in Figs. 3.32b-d show an increase in negative 
moment capacity of CJ3 compared with CJ1 and CJ2 due to the provision of the 
doubler plate.  The positive moment capacity was not enhanced because the failure 
was governed by tensile resistance of the bottom bolts. 
 
3.6.2.4 Specimen CJ4 
CJ4 was an extended end plate composite joint, where the end plate was 
extended beyond the bottom beam flange (see Fig. 3.8b).  Extending the end plate 
towards the concrete slab will not be useful for moment resistance since the rebars in 
the slab are expected to provide major tensile resistance to negative moment.  The 
concrete slab was instrumented extensively with strain gauges in order to ascertain the 
strain profile along the width of the concrete slab.  The ECCS loading procedure was 
slightly modified; the left cantilever was first loaded with positive moment (concrete 
slab in compression) until the concrete slab reached a crushing strain of, 3500µε.  
Then the joint was unloaded and ECCS loading procedure resumed as usual.  
The maximum negative and positive moments recorded for CJ4 were 318 and 
226 kNm, respectively.  The positive moment capacity was 30% higher compared to 
CJ3.  No noticeable enhancement in negative moment was observed.  The extended 
end plate in CJ4 helped to increase the tensile resistance of the bottom bolts because 
of additional bottom bolt row and thus the main effect is an increase in positive 
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 moment resistance.  This type of connection reduces the shortcoming of composite 
joint subject to reversal of moments in which the positive moment capacity is always 
smaller than the negative moment capacity. 
The failure modes observed in CJ4 included tension cracking of the column 
web, concrete crushing, end plate bending, yielding of bolt and column web panel in 
shear.  Extensive yielding was observed at the panel zone.  Towards the end of the 
test, the end plate deformed and tension cracking was observed at the column web as 
well as at the intersection between bottom beam flange and the end plate as shown in 
Fig. 3.44b. 
 
3.6.2.5 Specimens CJ5 and CJ6 
Since the extended end plate (extended beyond the bottom beam flange) can 
only benefit the positive moment capacity, haunch joint would be a better solution if 
enhancement of both positive and negative moments were required.  The hysteretic 
M-φj curves for CJ5 and CJ6 shown in Figs. 3.32f and 3.32g were plotted using the 
displacement transducer readings at TR3 and TR1 (see Fig. 3.11).  To obtain the key 
properties of CJ5 and CJ6, the hysteretic M-φj curves plotted using TR3 should be 
used.  The hysteretic M-φj curves recorded by these two transducers do not show any 
difference in CJ5 but they were different in CJ6.  For CJ5, the rotation deformation of 
the beam section at the haunch toe was similar to that of the haunch connection 
recorded by TR3, because the connection was weaker than the beam section due to 
the haunch depth, half of the beam depth.  In CJ6, a full-depth haunch section 
enhances the connection moment resistance and deformation mainly concentrated at 
the beam section at the haunch toe.  The end plate of CJ6 was bent excessively and 
bolt fracture was the primary cause of the sudden drop in M-φj curve.  Views after 
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 failure of specimens CJ5 and CJ6 are shown in Figs. 3.45 and 3.46, respectively.  The 
increase in moment capacities due to the haunch is found to be substantial.  Compared 
to CJ3, the positive moment capacities increased by 126% and 163% for CJ5 and CJ6, 
respectively.  As for negative moment, they are 68% and 86% respectively.  
Compared to CJ4, the positive moment capacity increased by 75% and 104% and for 
negative moment by 78% and 99% for CJ5 and CJ6, respectively.  The enhancements 
were mainly due to the increase of the depth of the haunch connection. 
 
3.6.2.6 Specimen CJ7 
CJ7 was similar to CJ1 except that the steel column was partially encased by 
concrete.  Compared to CJ1 and CJ3, the negative moment resistance of CJ7 
increased to a value equal to 1.5 times that of CJ1 and slightly higher than that of CJ3.  
However, the positive moment resistances for these three specimens are alike because 
the failures were due to bolt fracture.  This test showed that concrete encasement is as 
effective or better than doubler plate (as in CJ3) in providing shear resistance to the 
panel zone.  A view after failure of specimen CJ7 is shown in Fig. 3.47. 
It was observed that during the final stages of loading, the end plate subjected 
to positive moment, was deformed extensively and one of the tension bolts fractured 
and thus terminating the test.  Concrete spalling was observed at the panel zone, but it 
was limited to the concrete cover of approximately 30mm from the concrete surface.  
The concrete confined by the shear reinforcements was found to be intact.  
The effectiveness of the concrete and shear reinforcements to provide panel 
shear resistance was measured by strain gauges attached diagonally on the concrete 
surface of the panel zone.  In addition, two strain gauges were attached to the shear 
reinforcement, as shown in Fig 3.48.  The cracks on the concrete surface in the panel 
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 zone were monitored carefully during the test to ensure that the strain reading 
obtained by the concrete strain gauge was reliable.  Once tensile or compressive 
cracks formed, subsequent strain data was aborted.  The data obtained from the 
concrete and steel strain gauges are shown in Fig. 3.49.  
Panel moment plotted in y-axis refers to the sum of the moment acting on the 
two sides of the beam-to-column connection.  The moments from the two sides are 
the same sign and hence they are added.  At the beginning of the test, a concrete 
compression strut was first formed to provide resistance to panel shear force, and it 
continued until the panel moment reached 230 kNm.  Beyond this point, the shear 
reinforcement started to pick up strain and the concrete strain increased at a slower 
rate indicating that the load was carried and shared by these two components. 
 
3.6.3 DISCUSSION AND EVALUATION OF TEST RESULTS 
The presentation in this section emphasizes on the evaluation of general trends 
in the test data.  Five categories of data and observations are presented.  It is aimed to 
use the discussions to support the assumptions and simplifications made in the 
analytical modelling and design implications in Chapters 4 and 5 respectively. 
 
3.6.3.1 Cyclic Load Behaviour 
All the specimens except CJ1 were subjected to reversal cyclic loading.  The 
response of joint with respect to reversal cyclic loading can be used to check the 
structural reliability in terms of toughness and stability, especially when the joint is to 
be employed in unbraced frame subjected to reversal of loading. 
A joint can be considered as tough and stable when the loss of strength and 
stiffness at large inelastic deformation due to reversal cyclic loading is negligible.  An 
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 inspection to all the hysteretic curves in Figs. 3.32a to 3.32h shows that the loss of 
strength is not significant.  The maximum loads at every cycle (three cycles at every 
pre-determined deformation level) was compared and found that the values in second 
and third cycles was not less than 95% of that of first cycle.  In other words, the 
strength loss was less than 5%.  However, in terms of stiffness, not all the joint 
specimens showed stable and wide hysteretic behaviour.  The hysteretic curves in 
CJ3, CJ4 and CJ7 were pinched.  This pinching effect was most probably due to 
extensive deformation of structural element such as concrete cracking and thus 
reduced the stiffness compared to earlier cycles of loading. 
An interesting point demonstrated by most of the hysteretic M-φj curves was 
the cyclic loading path, in which it was clearly showed that the curves were more or 
less following the same loading/unloading path during the cyclic loading history 
(except in the last cycle).  This indicated that the stiffness of the joint was not greatly 
affected by the three load cycles.  The “shake down” effect may only be seen when 
more load cycles are applied. 
Composite joints exhibit different moment-rotational responses when they are 
subjected to positive and negative moments under a reversal of loads.  The unique test 
method and configuration described in this study enables different joint characteristics 
to be determined from one single test.  One method to balance the M-φj response of 
connection under positive and negative moment is to provide extended end plate or 
haunch.  Such extensions help to increase the stiffness and moment resistance of the 
connection under positive moment more than those under negative moment.   This 
type of joint characteristic is more predictable and reliable when the frame is subject 
to load reversal arising from wind or earthquake loading. 
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 3.6.3.2 Strain Profile in the Steel Beam Section 
Strain gauges were attached to measure the strain profile across the beam 
section, as shown in Fig. 3.11.  The purpose of this strain measurement is to estimate 
the location of neutral axis at different load stages.  These strain gauges are assumed 
to be located at the beam-to-column connection as they were attached close enough to 
the column flange.  Strain profiles of CJ4 (subject to negative moment) and CJ1 
(subject to positive moment) were plotted against the applied moment as shown in 
Figs. 3.49a and 3.49b.  In Fig. 3.49a, it can be observed that the strain gauge attached 
on the upper beam flange (S1) recorded the smaller strain than the beam web.  
Similarly in Fig. 3.49b, the strain gauge at lower beam flange (S7) registered 
significantly less strain value than those in the beam web.  This is because the beam 
web was restrained more by the bolts in tension compared with the beam flange in 
view of the bolt position.  Therefore, no check for beam flange in tension is necessary 
when determining the potential bolt-row force as recommended by SCI/BCSA (1995).  
On the other hand, the strain gauge (S7) mounted on compression beam flange 
recorded higher strain reading compared to those mounted on the compressive beam 
web.  Therefore, the location of neutral axis of the connection and the state of 
deformation across beam section could be determined approximately.  The PNA was 
mostly located at the beam web when the joints were subjected to negative bending 
and it shifted to the concrete slab when the joints were subjected to positive moment.  
The assumption of plane section remains plane for the beam section near the 
connection is not valid.  This simplification is merely theoretical and often used to 




 3.6.3.3 Strain Profile in the Concrete Slab 
In CJ4, five strain gauges denoted C-450, C-250, C0, C250 and C450 were attached 
across the width of concrete slab and were 75 mm behind the column flange.  The 
subscripts above refer to the distance from the centreline of concrete slab.  Gauge C-
250 and C250 were located approximately 45°dispersion from the edges of column 
flange.  The strain readings are plotted with reference to its locations to form the 
strain profile of concrete, as shown in Fig. 3.50a.  The main purpose of this strain 
measurement is to record the stress distribution of concrete slab when it bears against 
steel column flange in positive bending and subsequently to determine the effective 
concrete slab width that contributes to compression resistance. 
By examining the strain profile, it is observed that the highest strain was 
recorded near the centre of the slab and the strain value decreased towards the slab 
edge.  The assumption of force distribution following 45° dispersion can be ruled out 
since the strain readings beyond the flange tip were very small. 
To confirm further the effective width of the bearing area between the slab and 
column flange, more strain gauges were attached across the width of column flange to 
obtain a more refined strain distribution in the slab.  The strain profile in concrete slab 
was plotted for CJ7 and CJ6 as shown in Figs. 3.50b & 3.50c.  It was observed that 
the concrete strain was relatively small beyond the flange tip.  Therefore, it is 
reasonable to assume that when the connection is subjected to positive bending, the 
concrete slab is pushed against the column flange and the effective bearing width 





 3.6.3.4 Panel Zone Response 
Column web panel shear distortion recorded by the diagonal transducer for 
CJ2 and CJ3 are shown in Fig. 3.51.  No significant drop in resistance or stiffness was 
observed until failure occurred.  This observation showed that the panel zone of 
composite joint is very ductile and stable as in the steel joint.  The joint panel is 
considered yielded when the shear distortion is larger than the shear strain at first 
yield (Liew and Chen, 1995),  where yγ≥γ 3G3/f yy ==γ  mrad and G is the shear 
modulus.  The measured shear distortion, γ was almost 4γy for CJ3 and much higher 
than 4γy for CJ2.  Because of the large deformation, the resistance of the panel zone 
was further enhanced by the frame action provided by the column flange, termed as 
Flange Contribution Factor (Liew and Chen, 1995). 
The effectiveness of doubler plate depends on the method used to connect 
them to the column web.  By using the details recommended by SCI/BCSA (1998) as 
illustrated in Fig. 3.8a, the doubler plate is found to contribute significantly to the 
panel zone shear resistance and thus increased the rotational stiffness and strength of 
the composite joint.  The panel zone deformation was significantly reduced and the 
moment resistance generated is much higher in CJ3 than in CJ2.  Fig. 3.52 shows the 
moment arm or the effective depth of panel zones for steel and composite joints 
subject to reversal moments.  The panel zone depth in a composite joint is higher than 
that of steel joint since the concrete slab of composite joint will increase the moment 
lever arm for positive and negative bending.  Thus, higher the panel zone depth, the 
smaller the panel shear force under the same applied moment and less panel 
deformation for composite joint than steel joint.  Longer moment arm for positive 
bending is reflected in test evidence of CJ1 and other composite specimens when the 
strain gauge placed at the top of beam flange (S1) recorded tensile strain when 
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 subjected to positive moment as shown in Fig. 3.49b.  This means that PNA is located 
above upper beam flange due to the influence of concrete slab.  In the analytical 
assessment (Liew et al., 2003b), the panel zone depth is taken as the distance from the 
resultant of tension bolt row to the mid thickness of concrete slab, as shown in Fig. 
3.52. 
 
3.6.3.5 Rotation Capacity 
It is essential that the joint provides reliable and sufficient rotation capacity if 
plastic frame analysis is to be performed.  In semi-rigid partial strength composite 
joint, the joint capacity is usually less than that of the connecting members.  
Therefore, plastic hinge is expected to form in joint region rather than column or 
beam sections and the joint must be able to sustain load with appreciable rotation. 
The rotation capacities for specimens tested in Phases I and II are listed in 
Table 3.8.  As defined earlier, the rotation capacity, φu refers to the rotation 
corresponding to the maximum moment, Mu achieved during the test.  The maximum 
rotation, φmax is defined as maximum rotation recorded at the end of the test where its 
corresponding moment shall be at least 80% of the maximum moment achieved 
during the test.  The drift angle was measured as the displacement at the top of the 
column divided by the height of the column of 2835mm.  du and dmax are the drifts or 
displacements measured at φu and φmax, respectively. 
It was observed that the negative rotation capacities of Phase II specimens are 
usually higher than those in the positive direction.  This may be attributed to the 
ductile failure modes exhibited by composite joints loaded in negative moment, such 
as panel zone and reinforcement yielding.  The failure modes displayed by joints 
loaded in positive moment were of non-ductile types, i.e. concrete crushing and bolt 
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 fracture that explained the lower rotation achieved.  Majority of the details such as 
steelwork connection, composite beam size and the rebar ratio were similar in the 
specimens SCCB4, SCCB5, SCCB 6 (Phase I) and CJ2, CJ3 and CJ7 (Phase II).  The 
comparison between their negative rotation capacities, which were higher in Phase II 
specimens, indicated that the ductility of panel zone in shear contributes significantly 
to the overall rotation capacity.  Generally, reversal of loading has resulted in a 
smaller moment capacity and stiffness, and a substantial increase in the rotational 
ductility of the joint, compared to symmetrically loaded joints.  
Fig. 3.53 shows the comparison of the M-φj curves for SJ1 and CJ2 reflecting 
the effect of reinforcement in concrete slab on rotation capacity.  It is shown clearly 
that the rotation achieved by CJ2 is larger than SJ1, especially for joints in negative 
moment region.  All the details on steelwork connection were identical for CJ2 and 
SJ1 except that the former was a composite joint.  This suggested that elongation and 
yielding of reinforcement due to composite action in negative moment region 
contributed significantly to rotation capacity.  On the other hand, since the 
reinforcement did not play an active role in force transfer mechanism in positive 
moment region, the recorded maximum rotations of CJ2 and SJ1, which were 98 and 
113 mrad respectively, were rather close.  
The moment-rotation curves shown in Fig. 3.53 revealed that the composite 
action could be sustained even after the joint has deformed and drifted severely; this is 
in contrast to the general comments that the composite action would basically 
diminish due to damage to the concrete.  It was pointed out by Leon et al. (1987) that 
typical composite connections behaved very well up to a drift level of 2%.  After that, 
the composite action began to deteriorate and specimens with the floor slab would 
typically revert towards the behaviour of the bare steel specimen, although with 
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 slightly higher capacities.  This was not observed for CJ2 and other specimens loaded 
in negative moment region; where the experiment curves did not show the sign of 
flattening, and let alone dropping.  In other words, the composite joints tested in 
Phase II were capable of providing reliable and sufficient rotation capacity.  The 
difference in the ability of composite joint to retain composite action after concrete 
crushed compared to the observation reported in the literature may be due to the solid 
slab employed instead of concrete cast on profile decking.  It is appropriate at this 
juncture to highlight again that there is little composite action involved for composite 
joint subjects to positive moment, i.e. there is no significant increase of tensile force 
due to reinforcement bar; except that the moment arm was slightly increased with the 
existence of concrete slab.  Therefore, positive moment capacity, Mu and positive 
rotation capacity, φmax of CJ2 are not too far superior to that of SJ1.  The drop in 
moment shown in the M-φj was mainly because of yielding and fracture of bolt and 
crushing of concrete.  These failure modes were observed for majority of the 
composite joints loaded to failure in positive moment  
The negative and positive rotation capacities for CJ1 are 91 and 35 mrad and 
the corresponding values for CJ2 are 110 and 28 mrad, respectively.  It can be noted 
that cyclic loading did not reduce the ductility of composite joints.  From the amount 
of rotation achieved, it can be concluded that the specimens tested in Phase II are 
capable of providing sufficient and reliable rotation capacity and therefore may be 
used in seismic situation.  The rotation capacities at maximum moment are close to 30 
mrad.  Rotation capacity of 30 mrad is generally accepted as a benchmark to 
categorize whether a joint possess sufficient rotation capacity.  Najafi and Anderson 
(1997) reported that composite joints with a rotation capacity exceeding 30 mrad are 
required to mobilize 90% of the positive plastic moment capacity of the composite 
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 beam at mid span for partial strength composite joint, when moment redistribution 
occurs.  AISC also recommends 30 mrad as the generally accepted requirement for 
special MR frames (AISC 1997). 
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 Table 3.1   Details of the Specimens in Phase I 
Reinforcement Specimen Web Stiffening 
Type Ratio 
Column Type 
SCCB1 Column web Plate 8φ12 0.5% Steel column 
SCCB2 Column web Plate 10φ16 1.12% Steel column 
SCCB3 Column web Plate 14φ16 1.56% Steel column 
SCCB4 Nil 10φ16 1.12% Steel column 
SCCB5 Concrete encasement 10φ16 1.12% UC partially encased by concrete 
SCCB6 Concrete encasement 10φ16 1.12% UC fully encased by concrete 
All column size: 203x203x46UC     All beam size: 305x165x54UB 
 
Table 3.2: Details of the Specimens in Phase II 
Specimen Column  Section 
Loading 
Condition 
Stiffening of  
The column web Joint Details 
SJ1 305x305x97UC Cyclic - Flush end plate 
CJ1 305x305x97UC Monotonic - Flush end plate 
CJ2 305x305x97UC Cyclic - Flush end plate 
CJ3 305x305x97UC Cyclic Doubler plate (10 mm) Flush end plate 
CJ4 305x305x97UC Cyclic Doubler plate (10 mm) Extended end plate 
CJ5 305x305x198UC Cyclic - Haunch (Dh/D=0.5)§
CJ6 305x305x198UC Cyclic - Haunch (Dh/D=1.0) §
CJ7 305x305x97UC Cyclic Concrete encasement Flush end plate 
§Dh is the depth of haunch and D is the depth of steel beam. 
All beam size: 305x165x54UB. 
Haunch lengths for CJ4 and CJ5 are 450 mm. 
Reinforcement ratios for all specimens are 1.12% (2010 mm2) 
 
 
Table 3.3   Tensile Strength of Structural Steel Members 
Yield Strength (N/mm2) Ultimate Strength (N/mm2) Spec. Member 
1 2 3 4 Ave. 1 2 3 4 Ave. 
Column web 284 271 284 270 277 442 437 434 425 435 
Column flange 277 293 284 335 297 448 454 455 461 454 
Beam web 283 275 266 277 275 463 461 455 459 460 




End plate 198 264 - - 231 352 431 - - 392 
Column web 398 409 405 399 403 531 539 538 538 537 
Column flange 384 383 395 387 387 527 526 529 527 527 
Beam web 309 309 305 310 308 470 467 470 469 469 




CJ3 End plate 264 267 255 - 265 439 441 435 - 438 
Column web 334 336 328 303 325 483 479 442 446 462 
Column flange 316 315 333 334 325 461 458 466 454 460 
Beam web 283 291 - - 287 441 447 - - 444 




End plate 269 264 259 - 264 443.6 435 435 - 438 
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Table 3.4   Tensile Strength of Reinforcement Bars 
Yield Strength (N/mm2) Specimen Material
1 2 3 Average 
T16 572 587 577 579 SCCB1 to SCCB6 
T12 575 570 570 572 
T16 506 501 479 495 SJ1, CJ1 to CJ7 
T12 508 486 470 488 
 
 
Table 3.5   Concrete Cube/Cylinder Strength and Young Modulus 
Cube Strength (N/mm2) Cylinder Strength (N/mm2) Young Modulus (kN/mm2)Spec. 
1 2 3 Ave. 1 2 3 Ave. 1 2 3 Ave. 
SCCB1 44.4 43.4 42.8 43.5 39.2 36.0 38.8 38.0 22.1 23.1 23.6 22.9 
SCCB2 34.5 33.0 33.5 34.3 30.5 28.2 29.6 29.4 19.1 21.0 20.1 20.3 
SCCB3 42.3 44.1 42.7 43.0 33.0 37.0 32.6 34.2 24.3 24.0 23.9 24.1 
SCCB4 38.7 37.2 34.9 36.9 30.2 31.9 27.9 30.0 20.7 19.9 20.9 20.5 
SCCB5 47.8 45.7 43.9 45.8 42.4 43.8 39.9 42.1 25.5 24.4 23.7 24.5 
SCCB6 43.2 44.5 42.4 43.4 27.0 34.7 37.6 36.5 25.3 24.8 23.4 24.5 
CJ1 30.6 30.9 31.3 30.9 - - - - - - - - 
CJ2 39.0 40.6 39.0 39.5 32.9 34.7 35.1 34.2 23.8 18.1 22.7 21.5 
CJ3 28.3 27.9 28.2 28.1 26.6 26.6 - 26.6 16.8 18.3 - 17.5 
CJ4 24.1 25.3 24.4 24.6 20.5 21.3 21.0 20.9 15.3 15.2 13.4 14.6 
CJ5 42.9 47.7 45.6 45.4 38.5 38.4 37.2 40.6 23.6 23.0 22.6 23.1 
CJ6 46.0 46.0 48.5 46.8 43.2 40.1 43.1 42.1 28.1 26.9 28.9 28.0 




Table 3.6   Test Results of Phase I Specimens 
Specimen 1
st Crack Moment, 
Mcrack (kNm) 







SCCB1 30 271 24380 A,B,C,D 
SCCB2 38 441 37157 F,G 
SCCB3 56 449 48062 F,G 
SCCB4 34 186 31174 E 
SCCB5 30 410 47151 F,G 
SCCB6 38 423 39627 F,G 
 
 
Table 3.7   Test Results of Phase II Specimens 
Mu (kNm) Sj,ini (kNm/rad) ¥Failure Mode Specimen 
Negative Positive Negative Positive Negative Positive 
SJ1 125 110 13103 13091 H, B, I 
CJ1 268 176 28784 17043 H, L, A H, B, I, J 
CJ2 273 167 27648 16987 H, L, A H, B, I, J 
CJ3 339 175 Nilξ Nilξ K, L, A B, K, J, I 
CJ4 318 226 42697 45118 H, L, K, A H, B, K, I, J 
CJ5 568 395 57000 47473 H, N, O, A H I, J, B 
CJ6 632 461 107790 86737 N, Z, A I, J, B 
CJ7 372 160 39784 23882 H. L, A I, H, J, B 
ξ Τhe instrumentations to measure deformation were faulty 
¥Failure mode: 
A = Reinforcement yielding; B = End plate bending;   C = Column flange tension 
D = Column flange bending,  E = Column web buckling/crushing F = Beam flange 
buckling/crushing 
G = Beam web buckling  H = Panel zone yielding;  I = Bolt yielding/fracture;  
J = Concrete crushing;  K = Column web tension cracking; L = Beam flange yielding;  
N = Haunch flange yielding; O =Haunch web yielding.  Z = beam section yielding 
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Table  3.8   Rotation Capacities of Phases I and II Specimens 
φu (mrad) φmax (mrad) du (mrad) dmax (mrad) Specimen 
Negative Positive Negative Positive Negative Positive Negative Positive 
SCCB1 25 - 34 - - - - - 
SCCB2 51 - 64 - - - - - 
SCCB3 37 - 81 - - - - - 
SCCB4 56 - 193 - - - - - 
SCCB5 37ζ - 59 - - - - - 
SCCB6 36 - 36 - - - - - 
SJ1 74 104 75 113 31 54 32 55 
CJ1 91 35 102 77 -* 18 -* 42 
CJ2 110 28 111 98 44 14 44 43 
CJ3 47 54 47 115 19 23 19 42 
CJ4 48 35 65 95 23 15 29 44 
CJ5 49 39 51 63 25 31 26 44 
CJ6 40 37 41 55 24 22 25 26 
CJ7 63 33 65 98 30 17 31 46 
Note: 
φu is the rotation corresponding the maximum moment, Mu achieved during the test. 
φmax is the maximum rotation achieved during the test. 
du is the drift angle corresponding to φu. 
dmax is the drift angle corresponding to φmax. ζ This value has mistakenly typed as 56 in Ref. (46) published in the Journal of 
Constructional Steel Research.  









































Transverse bars before column
"Details A"
 
Fig. 3.5   Details of longitudinal and transverse bars. 
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[5] 15 thk stiffener
[4] 330x175x12
203x203 UC 46 [2]
305x165 UB 54 [3]




















Specimen Reinforcement Shear stud 
SCCB1 8φ12 240 c/c in one row (7 nos) 
SCCB2 10φ16 240 c/c in two rows (14 nos) 
SCCB3 14φ16 160 c/c in two rows (20 nos) 
 





























Fig. 3.6b   Details of SCCB5. 
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10 mm fillet weld
 
Specimen a (mm) b (mm) L (mm) 
CJ3 110 173 595 
CJ4 230 243 784 
 






End plate of SJ1, 



















Fig. 3.8b   End plate and haunch connection details in Phase II Specimens. 
 
 




































































Strain gauges on slab rebar
Strain gauges on structural steel
Strain gauges inserted into bolt shank
Displacement transducer







































































Fig. 3.18   View after failure of specimen SCCB1. 
 
 

















































































































































































































































































































































































































































































































































































Fig. 3.41   Comparison between SJ1 and CJ1 
 
Continuous fillet weld. 
Leg length equal to plate 
thickness





"Fill in " butt weld where 
increased web tension 
resistance is needed
Plug welds dia ≥ t
Spaced ≤ 37t 










of column web 
 





of column web 
 































Fig. 3.48   Reinforcement details and strain gauge positions  
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Width of steel 
column flange, 
bcf = 304.8 mm 
 
Fig. 3.50a   Strain Profile in the Concrete Slab of CJ4 with  
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Width of steel 
column flange, 
bcf = 304.8 mm 
 
Fig. 3.50b   Strain Profile in the Concrete Slab of CJ7 with  
increasing positive moment 
 
 
















Width of steel 
column flange, 
bcf = 314.1 mm 
Fig. 3.50c   Strain Profile in the Concrete Slab of CJ6 with  
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ig. 3.52   Lever arm z used for joints reversal moments  
(a) bare steel joint (b) Flush end plate composite joint  





























Eurocode 3 provides an analytical procedure where the rotational behaviour of a 
joint can be determined by taking into consideration all sources of deformability and 
resistance within the joint zone (Anderson, 1999).  The advantage of this approach is that 
it can be applied to all types of joints with different joint configurations by decomposing 
the joint into relevant components.  Moment-rotational characteristic of a joint can be 
represented by three properties, namely initial rotational stiffness, moment and rotation 
capacity.  In this chapter, theoretical assessment of moment capacity, initial rotational 
stiffness and rotation capacity of the composite joints specimens reported in Chapter 3 is 
carried out.  As pointed out in Chapter 3, composite beam-to-column joints may be subject 
to solely negative moment, or to both positive and negative moments depending on the 
nature of its frame (braced or sway) and the type of loading (gravity, wind or seismic).  
Therefore, analytical models to predict moment capacity, initial rotational stiffness and 
rotation capacity under positive and negative moment respectively are proposed.  The 
component method is used to determine the negative moment capacity and initial 
rotational stiffness.  Using the same principles, the method is extended to calculate the 
properties of joints subject to positive moment. 
No quantitative guidance on the prediction of rotation capacity is given in EC4; 
instead, the “deem to satisfy” rules are specified.  Anderson et al. (2000) has attempted to 
propose an analytical method to predict the rotation capacity for composite joints subject 
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to symmetrical gravity loading without panel zone deformation.  This method, when 
applied to the joints tested in Phase I, is found to predict the rotation capacity accurately.  
In order to capture the true rotation capacity of the specimens tested in Phase II where the 
panel zone shear deformation is significant, the behaviour of panel zone was studied.  The 
test results of the fourteen specimens provide the basis for evaluating the accuracy of the 
proposed models. 
 
4.2 MOMENT RESISTANCE 
The analytical procedures for negative moment capacity and initial rotational 
stiffness have been discussed extensively (Anderson and Najafi, 1994; Xiao et al., 1996; 
Ahmed and Nethercot 1997a & 1997b; Liew at al., 2000).  As a result, they are relatively 
advanced and matured compared to that for positive bending.  Therefore, it is appropriate 
to outline the procedures for negative bending, and then extend it to positive bending. 
For composite end plate connection subjects to negative moment, the moment 
capacity can be determined using plastic analysis of compact steel section with force and 
stress distribution as shown in Fig. 4.1.  Similar approach may be used for joint under 
reversal of loading if panel joint resistance is accounted for when establishing the forces 
through equilibrium.  As long as the compressive and tensile forces of individual 
components can be determined, the moment capacity of composite joints can be calculated 
by multiplying these forces with their respective lever arms.  The inclusion of bolt-row 
forces in the tensile resistance, for calculating the overall moment capacity of the 
connection is decided based on the location of the Plastic Neutral Axis (PNA).  If the PNA 
is located below certain bolt-row(s), the bolt-row(s) above the PNA will be subjected to 
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tension and contribute to the total tensile resistance of the joint, and vice-versa.  Hence, it 
is essential to locate the PNA, which can either be in the slab or in the steel beam.  
If the total tensile resistance of the reinforcement is larger than the compression 
resistance of the steel beam, the PNA is located in the slab.  In the present model, the yield 
strengths of steel materials were used to calculate their axial capacities.  In the case of 
high ratio of reinforcement in the concrete slab, part of the concrete will be in 
compression to provide extra compressive force to equilibrate the tensile force. 
PNA will move into the steel beam if the total tensile resistance of the 
reinforcement is smaller than the effective compressive resistance of the steel beam.  
There are three possible locations of PNA in the beam: 
1) PNA in compressive beam flange, i.e., only resistance of compressive bottom 
beam flange is needed to equilibrate the tensile force (Fig. 4.8). 
2) PNA in steel beam web, i.e., part of the steel beam web is needed together with 
bottom beam flange to equilibrate the tensile force (Figs. 4.9, 4.10, 4.11 and 4.12).  
3) PNA in upper beam flange, i.e. part of the upper beam flange is needed to provide 
compressive force together with the bottom beam flange and beam web to achieve 
equilibrium condition. 
 
Formulae to calculate the tensile and compressive resistances and subsequently 
steps to determine the locations of PNA and negative moment capacity of composite joint 
are given in the following sections.  Computations of resistance corresponding to steel 




4.3 TENSILE RESISTANCE IN CONCRETE SLAB 
The tensile resistance in the reinforced concrete slab, Ft,slab depends on the 
resistances of reinforcement and shear connectors, whichever is smaller.  The tensile 
resistance due to wire mesh is excluded from the calculation because of its rather brittle 
nature.  The tensile resistance of concrete and the beneficial effects of strain hardening of 
slab reinforcement are neglected. 
 
4.3.1 Shear Resistance of the Headed Stud Connectors  
 The design shear resistance of an automatically welded headed stud with a normal 














studstud Efd29.0P α=        (4.1b) 
where  dstud  is the diameter of the shank of the stud; 
fu,stud is the specified ultimate tensile strength of the material of the stud but not 
greater than 500 N/mm2; 
fck is the characteristic cylinder strength of the concrete at the age considered; 
Ecm is the mean value of secant modulus of the concrete, obtain from Table 3.2, 















stud ≤≤ ; 
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stud > ; 
hstud is the overall height of stud. 
 
Eqs. (4.1a) and (4.1b) are meant for shear resistance of headed stud cast in solid 
slab.  If the slab is cast on profiled steel sheeting laid parallel to the beam, Pstud, should be 
reduced by multiplying with the reduction factor, kp.  On the other hand, if the slab is cast 
on profiled steel sheeting laid transverse to the beam, Pstud should be reduced by a factor, 
















































⎛=      (4.2b) 
 
where bo  is the mean width of the trough (see Fig. 4.2); 
 hstud is the overall height of the stud, but not greater that hp + 75 mm; 
 hp is overall depth of the steel sheeting excluding embossments (see Fig. 4.2); 
Nstud is the number of stud in one rib at a beam section, not to exceed 2 in 
computations. 
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4.3.2 Tensile Resistance of the Reinforcement  
 For reinforcement in solid slab or slab cast on profiled steel sheeting laid 
transverse to the beam, the tensile resistance of the reinforcement bars, Fr, is calculated as 
follows: 
          (4.3a) yrrr fAF =
 
where  Ar is the area of the reinforcement; 
 fyr is the characteristic yield strength of the reinforcement. 
 
When the profiled steel sheeting is laid parallel to the beam, its tensile capacity 
should be added and Fr is computed as: 
 
         (4.3b) yststyrrr fAfAF +=
 
where Ast is the area of profiled steel sheeting; 
 fyst is the characteristic yield strength of the steel sheeting. 
 
 The tensile force in reinforced concrete slab, Ft,slab is equal to the smaller of Fr and 
NsPstud; 
 Ft,slab = smaller of Fr or NsPstud      (4.4) 
where Ns is the number of shear stud supplied in negative moment region. 
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4.4 COMPRESSIVE RESISTANCE 
4.4.1 Compressive Resistance of the Steel Beam 
The compressive resistance of the steel beam, Fb, is dependent on the section 
classification of the beam.  For Class 1 or 2 section where local buckling is unlikely to 
happen, the compressive resistance is given by the expression below, in accordance with 
EC3, clause 5.4.4. 
 
          (4.5) ybbb fAF =
 
where Ab is the cross sectional area of the steel beam; 
 fyb is the characteristic strength of the steel beam. 
 
For Class 3 or 4 section, the cross sectional area of steel beam is not fully effective 
due to local buckling, see Fig. 4.3.  The same formula can be used to obtain Fb with Ab 
replaced by Ab,eff, which is given as: 
 
 ([ wbwbfbbeff,b tt40DAA ) ]ε−−=       (4.6) 
 
where Dfb is depth of beam web between fillets; 





4.4.2 Compressive Resistance of Beam Flange 
The compressive resistance of the beam bottom flange is given by: 
 
          (4.7) ybfbfbfb fbtF =
 
where tfb is the thickness of beam flange; 
 bfb is the width of the beam flange;  
fyb is the yield strength of the beam. 
 
4.4.3 Compressive Resistance of the Column Web 
The design resistance of an unstiffened column web subject to compression should 
be determined from following equations, as per clause J.3.5.3, Revised Annex J, EC3. 
 
wc,ywcwc,effwc,ywcwc,effwc ftbftbF ϖρ≤ϖ=      (4.8) 
 
where ϖ is reduction factor to allow for the possible effects of shear in the column 
web panel; 
 ρ is the reduction factor for plate buckling; 
 beff,wc is effective width of the column web; see Fig. 4.4; 
beff,wc = ( ) pcfcpfb srt5a22t ++++  in which tfb is the thickness of beam flange, ap 
is the throat thickness of the weld, tfc is the thickness of column flange, rc 
is the root radius of column and sp is the length obtained by dispersion at 
45° through the end plate; 
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 twc is the thickness of column web; 
 fy,wc is the yield strength of column web. 
 
 When a column web is encased in concrete, the compression resistance of column 
web as in Eq. (4.8) can be increased by; 
 
       (4.9) ( ) ckwccc,effc,wccon,wc f85.0tbtkF −=
 
where teff,c = ppfb sa22t ++ , 
 kwc,c =  to allow for the effect of longitudinal compression in the 
column on the design resistance to transverse compression, 
ckcom f/3.33.1 σ+
 σcom = longitudinal compressive stress in the encasement due to axial force. 
 
If doubler plate is welded to column web, the effective thickness of the column 
web in compression, twc,eff, may be increased.  If only one doubler plate is welded, twc,eff, , 
increases to 1.5twc; and if doubler plates are added on both sides of the column web, it 
should be increased to 2.0twc  
 
4.5 NEGATIVE MOMENT CAPACITY 
The location of PNA is determined by equating the tensile force contributed by 
rebar and bolt rows to the compressive resistance.  As mentioned earlier, there are two 
possible positions for PNA, either in the slab, or in the steel beam.  To illustrate how the 
model works, a composite joint with three bolt-rows as shown in Fig. 4.1 is used.  Due to 
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the complexity of the procedure, flowcharts representing the steps and cases involved are 
shown in Figs. 4.5a to 4.5d.  Equations to calculate negative moment capacity of 
composite end plate joint with more bolt-rows can also be derived with the same 
principles. 
 
4.5.1 PNA in the slab (Ft,slab ≥ Fb) 
This scenario occurs when the area of reinforcement is very high and Ft,slab ≥ Fb.  
To achieve equilibrium condition, part of the concrete slab must be in compression, 
together with the steel beam to balance the tensile force, as shown in Fig. 4.6.  The 
compressive resistance in concrete slab is determined as; 
 
bslab,tslab,c FFF −=         (4.10) 
 
Consequently, the depth of concrete slab in compression is given by: 






D =         (4.11) 
 






D η=         (4.12) 
where Bec is the effective breadth of the slab; 
 fck is the cylinder compressive strength; 
η is the reduction factor due to profiled steel sheeting. 
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The reduction factor, η is introduced in Eq. (4.12) because the profiled steel 
sheeting occupies a certain percentage of the concrete area.  This percentage depends on 
the dimensions of the steel profiled sheeting used.  The moment capacity is obtained by 











DFM scslab,ccbbneg      (4.13) 
 
where dc is the distance from centre of reinforcement to beam upper flange and Db is the 
overall depth of beam section. 
 
4.5.2 PNA in the Steel Beam (Ft,slab < Fb) 
This occurs when Ft,slab < Fb.  A trial and error method based on stress block theory 
is used to determine the position of PNA.  The potential tensile force of this joint is as 
follows: 
 
          (4.14) 2r1rslab,ts PPFF ++=
 
where Pr1 and Pr2 are the tensile force contributed by bolt-rows 1 and 2 
respectively.  The lowermost bolt-row is assumed to resist vertical shear force only and is 
not considered in the calculation of negative moment capacity.  The magnitude of these 
bolt-row forces can be obtained by using the steps documented in Revised Annex J, EC3 
(1996).  These forces formed a full plastic distribution of bolt forces.  However, it is not 
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necessary that all the bolt-rows are able to develop the full plastic capacities since bolts 
located farther from neutral axis tend to attract larger load and certain degree of 
deformation must take place in column flange or end plate in order to permit lower bolt 
rows to develop their capacities.  SCI/BCSA Connections Group (SCI/BCSA, 1995) 















dt <         (4.16) 
 
where dbolt is the bolt diameter; 
 tp is the thickness of end plate; 
 tfc is the thickness of column flange; 
 fyp is the design strength of end plate; 
 fyc is the design strength of column; 
 fu,bolt is the ultimate tensile strength of the bolt. 
 
If the above condition is not satisfied, then the forces assigned to the lower bolt 
rows are modified and restricted to the value resulting from a triangular limit.  Plastic and 
triangular distributions are illustrated in Fig. 4.7. 
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There are two possible positions for PNA when it is in steel beam.  It can be 
located in the centre of compression beam flange or above it.  The two positions are 
discussed as Case 1 and Case 2 in the following sections.  
 
Case 1: PNA in the Centre of Compression Beam Flange ( ) fbs FF ≤
 Case 1 (see Fig. 4.8) happens when fbs FF ≤ .  This means that the total tensile 
resistances due to the reinforcement in the concrete slab and bolt-row forces can be 
balanced with the compressive resistance of bottom beam flange alone.  Due to the 
relatively small thickness compared with the depth of steel beam, the centre of 
compression is always assumed in the mid-thickness of the bottom beam flange.  The 
negative moment capacity is then obtained by taking tensile forces with respect to the 





⎛ −+=      (4.17) 
 




Case 2: PNA in the Beam Web ( fbs FF > ) 
 Case 2 occurs when , where a portion of steel beam web is in compression 
so that the total compressive force contributed by beam flange and web can balance the 
fbs FF >
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tensile force of the composite joint.  Under this condition, the inclusion of bolt resistance 
in the total tensile resistance is valid only when PNA located below it.  The depth of beam 






FFD −=         (4.18) 
 






thD fb2wb  
This indicates that the bolt-rows from bolt-row 2 and above are in tension and 
therefore must be included in the calculation of negative moment capacity (see Fig. 4.9).  
To ensure the depth of beam web in compression is fully effective, Dwb must be equal or 





















=       (4.19) 
 
Taking moment about the centre of compression, the negative moment capacity, 







⎛ −++−+= cfb22rcfb11rccbslab,tneg Z2
thPZ
2
thPZdDFM   (4.20) 
If , see Fig. 4.10, the depth of beam web in compression is not fully 
effective, and the effective depth in compression, D
ε> wbwb t40D
wbe should be limited to 40twbε.  The 
effective compression is reduced and became; 




The centre of compression is then given by the expression below: 
 
















=   (4.22) 
 
In view of the equilibrium condition, the tension resistance should be adjusted by 
omitting or/and reducing the tensile resistance of bolt-row(s).  For example, if Pr2 is to be 
reduced, the reduced value of Pr2 is as below; 
 
( )1rslab,tcompred,2r PFFP +−=        (4.23) 
 
The negative moment capacity of the composite joint is computed by taking 
moment about the centre of compression as; 




⎛ −++−+= cfb2red,2rcfb11rccbslab,tneg Z2
thPZ
2






thD fb2wbCase 2B:  
This is the case where at least bolt-row 2 is in compression.  Thus, the tensile 
resistance of bolt-row 2 must be omitted and the potential tensile resistance of the joint is 
then reduced and calculated as; 
 
          (4.25) 1rslab,ts PFF +=
 
and the depth of the beam web in compression is calculated by using the reduced Fs, as 
calculated in Eq. (4.18) 
Now, it is possible that the PNA moves below the centre of bolt-row 2 since Fs has 
been reduced when bolt-row 2 is omitted.  This gives rise to another two different 
possibilities for the position of PNA.  They are denoted as Case 2B-1 and Case 2B-2 and 





hD fb2wb −≤  
The PNA falls below bolt-row 2 again due to the reduced Fs.  Under this condition, 
it is assumed that the PNA is now located at the centre of bolt-row 2 (see Fig. 4.11) since 
recalculation of Fs by including Pr2 returns to Case 2A.  The real depth of beam web in 
compression, Dwbe, is equal to 2/th fb2 − .  The tensile resistance of bolt-row 2 is adjusted 
by considering the equilibrium between tensile and compressive forces, and it becomes; 
 
 ( ) ( )1rslab,tybwbewbfbred,2r PFFDtFP +−+=      (4.26) 
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Again, the depth of beam web in compression is checked to identify whether it is 
fully effective in compression as in Case 2A.  If it is fully effective, the centre of 
compression is given as Eq. (4.19).  The moment capacity is then calculated by taking 
moment about the centre of compression as in Eq. (4.20).  On the other hand, if 
, the depth of beam web in compression is not fully effective, and the 
effective depth in compression, D
ε> wbwb t40D
wbe should be limited to 40twbε, and the Eqs. (4.22) to 






th fb1wbfb2 −≤<−  
PNA is still located between bolt-row 2 and bolt-row 1 (see Fig. 4.12).  As usual, 
the depth of beam web in compression is checked for local buckling effect.  If the depth of 
beam web in compression is effective, centre of compression is computed by using Eq. 
(4.19), and the moment capacity is obtained by taking the moment about the centre of 
compression as: 
 
 ( ) ⎟⎠
⎞⎜⎝
⎛ −++−+= cfb11rccbslab,tneg Z2
thPZdDFM     (4.27) 
 
Similarly, if the beam web depth in compression is not fully effective, the centre of 
compression is given by Eq. (4.22).  The tensile resistance is then adjusted as in previous 





⎛ −++−+= cfb1red,1rccbslab,tneg Z2
thPZdDFM     (4.28) 
 
For a composite haunch connection as shown in Fig. 4.13, the force equilibrium is 
established by considering the tensile forces contributed by rebar and bolts, and 
compressive forces contributed by haunch flange and web bearing against the column 
flange.  The test of haunch joints (Liew et al., 2003a) recorded no tensile strain for bolt 
rows in the haunch indicating that the PNA is above these bolt rows.  In addition, the 
strain gauges attached to the beam bottom beam flange for CJ5 and CJ6 recorded tensile 
strain at the end of test confirmed the position of PNA.  Shanmugam et al. (2002) also has 
the same observation in their experimental test program consisting of 10 haunch 
specimens with similar configuration.  Therefore, the formulae proposed listed below are 
in accordance with this trend.  The compressive resistance of haunch flange, Fhf is 
determined as follows: 
 
ybhfhfhf fbt2.1F =         (4.29) 
where thf is the thickness of haunch flange; 
 bhf is the width of the haunch flange;  
fyb is the yield strength of the beam. 
 
Examining the compressive resistance of haunch flange, Fhf and the tensile 
resistance, Fs show that there are 2 possibilities of PNA position, either at the centre of 
compression haunch flange or in haunch web. 
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PNA in the Centre of Haunch Flange ( ) hfs FF ≤
PNA is located in the centre of haunch flange when Fs ≤ Fhf.  The stress block 
diagram when force equilibrium is achieved is shown in Fig. 4.13a.  The negative moment 













chbslab,tneg   (4.30) 
 
PNA in the Haunch Web ( hfs FF > ) 
 PNA lies in haunch web when a portion of haunch web is in compression so that 
force equilibrium can be achieved as shown in Fig. 4.13b.  The depth of haunch web in 








−+=         (4.31) 
 
The effective compressive resistance, Fhw,eff contributed by haunch web is determined as: 
 
 Fhw,eff = 1.2 DhwFybthw        (4.32) 
 
Taking moment about the centre of the bottom haunch flange, the moment resistance of 

























where  thf  is thickness of haunch flange;  
db  is the distance between first bolt row to the top of upper beam flange;  
Dh  is the depth of haunch.  
 
One major improvement made to the EC4 approach is not to restrict the PNA to the 
centre of the bottom beam flange.  In the proposed approach, the PNA is allowed to be 
located in steel beam web if the steel beam section is compact and the tensile resistance 
provided by the rebar and the bolts is higher than the compression resistance of the beam 
flange.  Although the extended end plate that bears against column flange could contribute 
marginally to negative moment capacity, this beneficial effect has been ignored in the 
proposed calculation procedure. 
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4.6 POSITIVE MOMENT CAPACITY  
When a composite beam-to-column joint is subject to positive moment, its load 
transfer mechanisms are different from those subject to negative moment.  In this case, the 
bottom bolt-row(s) will be the primary contributor to tensile resistance.  Compressive 
force, needed to equilibrate the tensile force, is now formed by the bearing between the 
concrete and the column flanges, or together with the upper beam flange, if the PNA is 
located in the upper beam flange.  The positive moment capacity of the composite joint 
can be calculated by multiplying the magnitude of the component forces with the 
respective lever arm.  The following assumptions are made: 
1) The bolt-row(s) force that contributes to moment resistance is determined by the 
same procedures as those for negative moment.  
2) The compression resistance is taken by the bearing force developed between the 
concrete slab and column flange and the effective bearing width is taken as the 
width of the column flange.  The depth of the concrete slab in compression can be 
determined by comparing the available bolt-row tensile force.  The bearing area is 
then taken as the product of the column flange width and the depth of the concrete 
slab in compression.  This has been confirmed by the test measurement reported by 
Liew et al. (2003a).  When the connection consists of a number of bottom bolt 
rows, there is a possibility that the upper beam flange is also in compression in 
order to achieve force equilibrium.  Since the slab that bears against the column 
offers high compression resistance, it is unlikely that the beam web will be in 
compression. 
3) The stress distribution in the concrete slab is assumed to be of rectangular stress 
block with a mean stress of 0.85fck or 0.67fcu.  For a composite joint where the 
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width of concrete bears against the steel column flange as bfc, and effective depth 
c, the total compressive force in the concrete slab becomes 0.85fckbfcc or 
0.67fcubfcc. 
4) The crushing strain of the concrete is taken as 0.0035. 
To illustrate the calculation procedures, the same joint configuration used to 
illustrate the analytical model for negative moment as shown in Fig. 4.1 is used.  The steps 
are described in the following sections. 
 
Determine Potential Tensile Forces of Bolt-rows 
Determination of the potential tensile forces of bolt-rows can be carried out as per 
the recommendations by Revised Annex J, EC3.  Check the types of bolt force 
distributions (whether full or modified plastic) depending on the thicknesses of end plate 
and column flange.  Types of failure modes, viz. ductile or brittle also affect the bolt force 
distributions.  If the moment capacity of composite joint is governed by ductile failure 
modes such as column flange and end plate in bending, a plastic stress block distribution 
may be assumed, as shown in Fig. 4.14a.  On the other hand, the force distribution is 
assumed to be linear when brittle failure mode is detected, such as fracture of bolts and 
column web in tension as depicted in Fig. 4.14b.  The total tensile force, Ft is as follows:  
 
3r2r1rt PPPF ++=         (4.34) 
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Locate the Position of PNA 
Locate the position of PNA by comparing the total tensile bolt-row forces with the 
total compression force of concrete slab, Fc, which is calculated as follows: 
a) For solid slab; 
fcslabckc b)d(f85.0F =         (4.35a) 
 
b) For slab with profiled steel sheeting, where ribs runs parallel to beam; 
 .       (4.35b) fcslabckc b)d(f85.0F η=
 
c) For slab with profiled steel sheeting, where ribs runs transverse to beam; 
        (4.35c) fcpslabckc b)hd(f85.0F −=
 
The position of PNA is either in the concrete slab or in the upper beam flange, 
depending on the magnitude of Ft.  If Ft < Fc, then the PNA should be located in concrete 
slab as certain depth of concrete slab alone is adequate to balance the tensile forces.  The 
depth of the compression stress block from the top of the slab is denoted as c, and can be 
computed based on equilibrium of forces: 





Fc =          (4.36a) 
 





Fc η=         (4.36b) 
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 c) For slab with profiled steel sheeting, where ribs run transverse to beam; 
 ( ) fcpslabck t bhdf85.0
Fc −=  pslab hdc −≤      (4.36c) 
 
On the other hand, if Ft > Fc, then part of the upper beam flange would be in 
compression in order to achieve equilibrium.  Then, the depth of the upper beam flange in 






FFd −=          (4.36d) 
 
It is important to ensure that the above forces do not exceed the column web 
compressive resistance as determined by Eq. (4.8).  The stress block diagrams with force 
equilibrium for PNA located in concrete slab and in upper beam flange are shown in Figs. 
4.14c and 4.14d respectively.  When PNA is located in concrete slab, the positive moment 















cdPM 33r22r11rpos     (4.37) 
 
For the other case where PNA is located in upper beam flange, the centre of 





















=     (4.38) 
 
and similarly, the positive moment capacity is computed as: 
 
 ( ) ( ) ( )c33rc22rc11rpos ZdPZdPZdPM −+−+−=     (4.39) 
 
Eqs (4.37) and (4.39) may be used to calculate positive moment capacity of haunch 
joint since the force distribution mechanism is not different from the flush end plate joint. 
When establishing force equilibrium as in Fig. 4.14 and calculating the moment 
resistance from Eqs. (4.37) and (4.39), it is assumed that the effective tensile force is equal 
or less than the panel zone shear resistance as the compression resistance is not critical for 
joint subject to reversal of loads. 
 
4.7 PANEL ZONE SHEAR RESISTANCE 
When the joints are subjected to reversal of loading, the joint panel zone may 
deform and its shear resistance may influence the joint’s moment capacity.  Flush end 
plate connections SJ1, CJ1 and CJ2 tested in the experimental study (Liew et al., 2003a) 
show that panel zone failure governed the ultimate capacity.  In these test specimens the 
column web was not strengthened by doubler plate or concrete encasement.  The shear 
resistance of an unstiffened column web, Vwc of a single sided joint or for a double-sided 





V vcwc,ywc β=          (4.40) 
 
where Avc is the area of column web and equal to fccwcfcfcc t)r2t(tb2A ++− ; 
Ac is the cross section area of column; 
bfc is the overall breadth of column;  
tfc is the thickness of column flange;  
twc is the thickness of column web;  
rc is the root radius of column; 
β is the transformation parameter accounting for the possible influence of the web 
panel in shear for adjacent connection. 
 
If a doubler plate is used, the shear area may be taken as; 
( ) wcsfccwcfcfccdp,vc tbtr2ttb2AA +++−=      (4.41) 
where bs is the width of the doubler plate. 
 When the steel column web is encased in concrete, the panel zone shear resistance 





θ= sinAf85.055.0V con,cckcon,wc       (4.42) 
 
where Ac,con = ( ) ( )wcfcfcc tbcost2D8.0 −θ− ; 




t2Dtan fcc1 ; see Fig. 3.52. 
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z is the lever arm, see Fig. 3.52. 
 
It was observed from the tests that the presence of composite slab in composite 
joint specimen increased the panel zone shear resistance.  This is due to the increase in 
effective depth of panel zone compared to that of steel joint.  The larger the effective 
depth, the smaller the panel shear force under the same applied moment and less panel 
zone deformation is expected for composite joint than for steel joint. 
 
4.8 INITIAL ROTATIONAL STIFFNESS  
4.8.1 Initial Rotational Stiffness Under Negative Moment 
The stiffness model by Anderson (COST C1, 1999) is taken as a basis to determine 
the initial rotational stiffness of a composite joint.  The assumptions and recommendations 
made in the stiffness model, in line with Revised Annex J, EC3 (1996) and Proposed 
Annex J, EC4 (1996) are listed below: 
1) In a non-linear M-φ curve, it is assumed that the curve is linear up to two thirds of 
the moment resistance.  The slope of the linear curve is taken as initial rotational 
stiffness. 
2) It is suggested that the deformations of beam web and flange in compression, beam 
web in tension and, plate in tension and compression are included in the 
deformations of the beam in bending.  Thus, they are not considered in the 
determination of joint stiffness. 
3) For a column web stiffened for shear or compression, the relevant stiffness 
coefficient, ki may be taken as infinity.  However, to account explicitly the 
influence of stiffened column web in initial rotational stiffness, the stiffness 
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coefficients for stiffening elements such as transverse column web plate, doubler 
plate or concrete confinement may be added to that of unstiffened column web.  
4) For joints (either composite or steel) with more than one layer of components in 
tension (i.e. one bolt-row plus of rebar, or two bolt-rows), the stiffness coefficients, 
ki should be combined. 
 
Evaluation of joint elastic stiffness is derived from the elastic translational 









EzS          (4.43) 
E = elastic modulus of steel 
z = lever arm between compressive and tensile areas, or zeq when there are more than one 
layers of tension, compression or shear spring  
ki = stiffness coefficient of component i.  Its expressions are extracted from prEN 1994-1-
1 & COST C1 Document and illustrated below; 
 
Column Web Panel in Shear 
 
z
A38.0k vc1 β=          (4.44) 
 
where Avc is the shear area of column, defined in Section 4.7; 
  β  is the transformation parameter, taken from Table J4, Revised Annex J. EC3; 
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  z is the lever arm of column web panel subjected to shear, defined in Fig. 3.52.  
For joint with two tension layers, it can be approximately taken as the distance 
from the centre of compression to a point midway between the two tension 
layers. 
If doubler plate is welded to column web panel to increase moment capacity and 
initial rotational stiffness of composite joint, the shear area may be as in Eq. (4.41).  If 
composite column is employed instead of bare steel column, the concrete encasement will 
have beneficial effect to the overall stiffness of composite joint.  The stiffness coefficient 






E06.0k cccmc β=         (4.45) 
 where hc = that is the length of confined concrete; fcc t2D −
Ecm is the concrete secant modulus of elasticity, obtained from Table 3.2, 
EC4. 
 






k =         (4.46) 
 
where twc is the thickness of unstiffened column web; 
 Dfc is the clear depth of the column web; 
beff,c,wc is the effective width of the column web in compression, defined in Eq. 
(4.8). 
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 If doubler plate is welded to column web, the effective thickness of the column 
web in compression may be increased.  If only one doubler plate is welded, thickness of 
the column web increases from twc to 1.5twc, and if doubler plates are added both sides of 
the column web, 2.0twc is used instead.  If composite column is employed, the concrete 
encasement will increase the stiffness of composite joint.  To include the effect of concrete 
encasement, the stiffness coefficient k2 may be increased by additional coefficient, kcw 











cw         (4.47) 
 
where  bel = ; ( )cfcpfb rt5t2t +++
 bc  = wcfc tb − . 
 
 If transverse web plates are welded to column web to act as stiffener, the stiffness 


















2k += )  as proposed by Ahmed et al. (1997b) (4.48b) 
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where tws is the thickness of transverse column web plates. 
 






k =         (4.49) 
where beff,t,we  is the effective width of column web in tension. For a joint with a single 
layer of component in tension, it should be taken as equal to the smallest of 
the effective lengths (individually or as part of a group of bolt–rows) given 
for this bolt row in Table J6 (for an unstiffened column flange) or Table J7 
(for a stiffened flange) in the Revised Annex J of EC3. 
 
When column web is reinforced by welding doubler plate, the effective thickness 
of the column web, tcw,eff depends on the throat thickness of the longitudinal welds 
connecting the doubler plate; 
When the longitudinal welds are full penetration butts welds: 
(a) with one doubler plate: 
  cweff,cw t5.1t =
 
(b) with doubler plates welded both sides; 
  cweff,cw t0.2t =
 
When the longitudinal welds are fillet welds with a throat thickness, 2/ta s= , 
the effective thickness of the column web, tcw,eff for either one or two doubler plates: 
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(a) when steel grades S235, S275 or S355; 
  cweff,cw t4.1t =
 
(b) when steel grades S420 or S460; 
  cweff,cw t3.1t =
where ts is the thickness of fillet welds. 
 





tl85.0k =         (4.50) 
 
where   m is defined in Fig. 4.15; 
leff is the smallest of effective lengths (individually or as part of a bolt group) given   
for this bolt row in Table J6 (for an unstiffened column flange) or Table J7 (for 
a stiffened column flange), Revised Annex J, EC3. 
 






k =         (4.51) 
 
      where m is generally defined in Fig. 4.15. For a bolt-row located in the extended part 
of an extended end plate, m = mx; 
    leff is the smallest of the effective lengths (individually or as part of a group of 
bolt-rows) given for this bolt row in Table J8, Revised Annex J, EC3. 
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A61k .=          (4.52) 
  where   Abolt is the tensile stress area of single bolt; 
   Lbolt is the elongation length of the bolt, which may be taken as equal to the grip 
length (total thickness of material and washers), plus half the sum of the 
height of the bolt head and the height of the nut; 
 
Slab Reinforcement in Tension 






A2k =          (4.53a) 
 
where  Ar is the area of reinforcement bars within the effective width of concrete flange; 
 





13 +=         (4.53b) 
where Kβ = 2.6 
 
For interior joint subject to unbalanced moment; 











13          (4.53c) 
where Kβ = β(4.3β2-8.9β+7.2)  









13          (4.53d) 
For interior joint subject to reversal of load,  
 
for the connection subjected to negative bending; 
 
β = 1 
 
for the connection subjected to positive bending; 
 
β = 0 and k13 = 0 
 
Stiffness Coefficient for Shear Stud 
The influence of shear stud slip on joint stiffness is accounted by imposing reduction 






















=         (4.54b) 
hs is the distance between the longitudinal reinforcing bars in tension and the centre of 
compression; 
ds is the distance between the longitudinal reinforcing bars in tension and the centroid of 
the beam’s steel section. 
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dNk1 Ιζ+=ν         (4.54d) 
Ia is the second moment of area of the beam’s steel section; 
Ieff,b is the length of the beam in hogging bending adjacent to the joint, which may be 
taken as 15% of the length of the span; 
N is the number of shear connector distributed over the length leff,b; 
ksc  is the stiffness of the shear connector taken as 100 kN/mm, which is the average value 
of four push out tests conducted (see Appendix A). 
 
As shown in Fig. 4.16, when there are more than one component in series at the 
same level, r, these components are transformed into keff,r.  Similarly, if there are 
components in parallel with the same internal force type (tensile, compressive or shear), 
the lever arm must be redefined as equivalent lever arm, zeq and subsequently replaced 




























=          (4.55c) 
 
4.8.2 Initial Rotational Stiffness under Positive Moment 
When a composite joint is subjected to positive moment, it behaves like an 
inverted steel joint with concrete slab in compression.  The lever arm between tension and 
compression forces is smaller for composite joint under positive moment because the 
centre of compression is located in the concrete slab compared to the joint under negative 
moment, as shown in Figs 3.52 and 4.16. 
 
4.9 ROTATION CAPACITY 
No quantitative guidance on the prediction of rotation capacity is given in EC4; 
instead, the “deem to satisfy” rules are specified.  For instance, Revised Annex J suggests 
that for bolted composite joints where its moment resistance is controlled either by the 
resistance of the column web panel in shear, column flange in bending or end plate in 
bending, could be assumed to have sufficient rotation capacity for plastic global analysis.  
In the following sections, the method proposed by Anderson et al. (2000) is discussed and 
used to predict the rotation capacity for the specimens tested in the experimental study.  
The method is generally suitable for composite joints subject to symmetrical gravity 
loading, which does not involve panel zone deformation, i.e., Phase I specimens.  In order 
to capture the actual behaviour of Phase II specimens, the panel zone shear deformation 
under horizontal shear is studied and accounted for.  The predictions were then compared 
to the test values measured. 
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An accurate prediction of rotation capacity of a joint requires knowledge of load 
deformation of all joint components.  In fact, in determining the rotation capacity of the 
composite joint, only one component will be able to achieve its maximum deformation 
and fail, whilst all other components achieve values lower than their respective 






δ+δ+δ=φ        (4.56) 
where 
δten is the total deformation in the tension zone; 
δcomp is the total deformation in the compression zone; 
δs is the deformation in the shear zone; 
z and zs are the lever arms for the respective zones. 
 
Recognizing the contribution of elongation/yielding of reinforcement, slip 
deformation of shear connector and compressive deformation in the beam flange adjacent 
to the joint, Anderson et al. (2000) has proposed the method to predict the rotation 











∆=φ        (4.57) 
where  φc = rotation capacity of symmetrical loaded composite end plate joint; 
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 ∆us = deformation capacity of the reinforcement; 
Dr =  distance from the top of the steel section to the centroid of the 
reinforcement; 
Db =  beam depth, 
 s   =  slip deformation of shear stud; 
 ∆a =  compressive deformation of lower beam flange. 
 
4.9.1 Deformation Capacity of Slab Reinforcement 
To estimate the deformation capacity of the reinforcement, ∆us due to elongation of 
rebar, it must be recognized that the maximum strain in rebar occurs only at crack 
locations for a slab in tension, as shown in Fig. 4.18.  The tension stiffening effect 
attributed by the bond between the concrete and rebar has resulted rebar strain to be lower 
for other locations.  This phenomenon is best described by the simplified stress-strain 
relation for embedded reinforcement, together with the corresponding curve for bare 
reinforcement taken from the CEB-FIP Model Code (1990), depicted in Fig. 4.19.  The 









⎛ σ−δ+ε∆β−ε=ε )     (4.58) 
 
where ∆εsr is the increase of strain in rebar at the crack, when crack first occur (see Fig. 
4.18); 
σsr1 is the stress in the rebar when first crack formed (see Fig. 4.18); 
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βt = 0.4 for short term loading; 
δ  = 0.8 for high ductility deformed bar. 
 
In order to capture the real condition of rebar in slab for composite joint when it 
experiences the combined action of bending and tension, rather than the equations given in 



































where  fctm is mean tensile strength of concrete; 
    d is the thickness of the concrete flange; 
  ρ  is the ratio of rebar area with respect to concrete area; 
 zo is the vertical distance between the centroids of the uncracked, 
unreinforced concrete flange and the uncracked, unreinforced 




To determine the elongation of the rebar, it is necessary to determine the length 
over which εsmu should be assumed to act.  Anderson et al. (2000) proposed that the 
following formulae are used to calculated the elongation ∆us: 
ρ < 0.8%;   smutus L2 ε=∆      (4.61a) 
ρ ≥ 0.8% and a <Lt;  smutcus L2
h ε⎟⎠
⎞⎜⎝
⎛ +=∆     (4.61b) 
ρ ≥ 0.8% and a > Lt;  smytsmutcus )La(L2
h ε−+ε⎟⎠
⎞⎜⎝
⎛ +=∆   (4.61c) 
where  Lt is the transmission length; 
hc is the height of the steel column section; 
 a is the distance from the face of the column to the first shear connector 
along the beam. 






fkL          (4.62) 
where  φr is the diameter of the rebar; 
τsm is the average bond stress along the transmission length;  
= 1.8fctm. 
 
4.9.2 Deformation of the Shear Connector 
Four push out tests on headed shear stud were carried out (Liew et al., 2003a&b) 
and the tests are described in the Appendix.  Generally their behaviour can be represented 
by the tri-linear relationship OABD as shown in Fig. 4.20 (Anderson et al., 2000).  The 
first yielding of the shear connection occur at point A with force Fs(A) in the reinforcement 
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within the joint and end slip, s(A).  These parameters can be calculated if the stiffness of 
the shear connection, Ksc is known.  By elastic interaction theory, it can be shown that 
















        (4.63) 
Eq. (4.63) is the same as Eq. (4.54b) for the calculation of stiffness coefficient for 
shear stud.  The elastic analysis is assumed to be valid up to a maximum load of 0.7PRK 
where PRK is the characteristic resistance of a stud.  When ksc, defined as stiffness of shear 
connector is obtained, the end slip, s(A) could be determined.  ksc is taken as 100 kN/mm, 
which is the average value of four push out tests carried out (Appendix A).  Subsequently 
the force Fs(A) is obtained from this slip and the stiffness of the shear connection, Ksc. 
Point B corresponds to the attainment of the maximum interaction force between 
the reinforcement and the beam’s section.  Thus, for full shear connection,  
 
Fs(B) = Asfy         (4.64) 
 
The value of slip to be considered in the rotation capacity is magnified due to the 












Fs2s =         (4.65) 
The slip at B, s(B) obtained in Eq. (4.65) is then substituted in Eq. (4.57) to 
calculate rotation capacity. 
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 4.9.3 Deformation due to Plastic Compression in the beam 
The tensile force developed by the reinforcement is to be counter balanced by 
compressive force in the lower part of beam’s steel section.  Depending on the amount of 
reinforcement bar, the compressive resistance of beam bottom flange may be reached or 
exceeded and local buckling may occur.  The shortening of beam bottom flange 
contributes to rotation capacity of composite joint and it is accounted by assuming the 
strain in compression flange is taken as eight times the yield value, at which strain 
hardening was assumed to commence.  Therefore, the shortening of compression beam 
flange, ∆a, is taken as 8εyL, where L is assumed as distance from the face of the 
connection to the point along the beam at which the rotation was measured, varied 
between 70 and 130 mm depending on the test.  In the present study, L is taken as 100mm, 
representing the location of the first transducer to measure rotation, as shown in Figs. 3.10 
and 3.11.  
 
4.9.4 Deformation of Panel Zone due to Horizontal shear 
 Under the action of static horizontal shear force due to unbalance or reversal of 
loadings, the panel zone will deform and its shear force-deformation behaviour is best 
described by the curve shown in Fig. 4.21.  From Fig. 4.21, it is observed that there are 
two different stiffnesses in the panel zone, i.e. an elastic stiffness up to the yielding of 
panel web, followed by a small range of gradually decreasing stiffness, and then 
stabilizing to a small and almost constant stiffness for a long range of deformation.  
Generally, the post yield stiffness of a panel zone ranges from about 3-8% of the elastic 
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stiffness (Liew and Chen, 1995).  γ is defined as shear strain, representing the change of 
angle at the corner of an originally rectangular panel zone and it is expressed in radian.  It 
is shown in Fig. 4.21 that the shear deformation characteristic of the panel zone is ductile 
and stable in nature.  The failure of a well detailed panel is usually caused by the fracture 
of other connection components occurring at very large plastic deformations, such as weld 
fracture for welded connection or bolt fracture for bolted connection as shown in the 
present experimental study (Liew et al., 2003a).  Due to the fact that the panel zone is 
ductile and, the level of deformation that contributes to overall rotational flexibility should 
not be restricted to the first yield of panel zone but it should be taken as 4γy where γy is the 












,=γ          (4.66) 
where Vwc is the panel shear resistance as in Eq. (4.40), Avc is the area of column web, G 
is shear modulus and defined as 0.5E/(1+ν), E and ν is the elastic modulus and Poisson’s 
ratio.  Superimposed Eq. (4.66) into Eq. (4.57) and the rotation capacity of composite joint 
















4.9.5 Rotation Capacity of Composite Joint under Positive Moment 
 For composite joints subject to positive bending, the joints behave differently 
compared to those loaded in negative bending where the reinforcement in concrete slab is 
no longer in tension.  The bottom bolt-rows and adjacent components such as column 
flange and end plate will be in tension.  Therefore, the influence of reinforcement in 
rotation capacity for joint under positive bending is no longer exists.  Instead, the 
deformation of tension components such as elongation of bolt, column web and end plate 
in tension, and column flange in bending should be accounted, while the contribution from 
compression and shear components as described before remains applicable.  To evaluate 
the contribution of tension components to rotation capacity, the force deformation-relation 
of spring is considered and is given as below:- 
 
 Fi = ki E ∆i         (4.68) 
 
where  Fi = the force in spring i; 
 ki = the stiffness coefficient of the component i as defined in Section 4.8; 
 E  = the elastic modulus; 
 ∆i = the spring deformation. 
 
The fundamental of Eq. (4.56) remains true and hence to make use of it, the spring 






i =∆          (4.69) 
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In this case, the total deformation in the tension zone; δten that needs to consider 
include column web in tension, column flange in tension, end plate in tension and bolt in 
tension.  Therefore,  
 
δten = κ∆i
      = κ(∆3 + ∆4 + ∆5 + ∆10) 













F       (4.70) 
where k3, k4, k5 and k10 are the stiffness coefficients of column web in tension, column 
flange in bending, end plate in tension and bolt in tension respectively, as defined in 
Section 4.8,  F is the tension force associated with the attainment of positive moment 
capacity and can be calculated as steps described in the analytical model for moment 
capacity.  Recognising that the spring deformation, ∆i and stiffness coefficients, ki in the 
above equations are associated with the calculation of initial stiffness when the 
deformation of these components are low, the factor κ is inserted to magnify the 
deformation to represent the actual state of deformation when rotation capacity is sought.  
The proposed value for factor κ ranges from 6 to 8 depending on the actual experimental 
results.  The rotations corresponding to two thirds of the moment capacity, which is 
assumed as the elastic limit of a M-φj curve are extracted and compared to those at 
maximum moment for composite joint subject to positive bending in Table 4.1.  As 
shown, factor κ is taken as 8 for the present study.  Therefore the rotation capacity for 
composite joint under positive moment can be calculated by using the Eq. (4.71), which is 








γ+∆++∆κ=φ         (4.71) 
 
4.10 COMPARISON WITH TEST RESULTS 
All the test specimens described in Chapter 3 are analysed by using the method 
presented above.  The experimental results are compared with the analytical predictions in 
Tables 4.2 to 4.4 for Phase I and Tables 4.5 to 4.7 for Phase II specimens, respectively.  
The material properties as reported in Chapter 3 were used to evaluate the strength and 
stiffness.  Also, the partial safety factors for all the design formulae from EC 3 and 4 and 
COST C1 document were taken as unity.  Figs 4.21a-4.21n show the comparison of M-φj 
curves obtained experimentally with the corresponding analytical curves for all the test 
specimens.  Non-linear idealization was adopted for analytical M-φj curves as proposed by 
EC3 and explained in Chapter 5.   
Comparison of moment capacities for Phase II specimens in Table 4.5 shows that 
the analytical method proposed for positive moment capacity is conservative as the ratio 
Mu,exp/Mu,pred is always greater than unity.  Comparison of the negative moment model 
with experimental data of Phase I specimens in Table 4.2 shows a satisfactory agreement, 
yielding conservative prediction ranging from 4% to 10 % except for SCCB4, in which the 
strength is under predicted by 30%.  In this case, the negative moment model 
underestimates the resistance of unstiffened column web subjected to transverse 
compression.  On the other hand, the negative moment model also yields conservative 
prediction for Phase II specimens (see Table 4.5), ranging from 3% to 20% for composite 
specimens.  The predicted negative moment capacity for CJ4, CJ5 and CJ6 are higher than 
the experimental values.  This could be explained as the onset of premature failure due to 
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bolt fracture on the connection side loaded with positive bending.  Higher moment 
resistance could be developed if the fracture of bolt can be avoided.  Examination of the 
ratio of Sjexp/Sjpred for positive bending in Table 4.6 shows that good agreement between 
the predicted values and the experimental results.  This indicates that the proposed 
modification on the EC3 joint model is adequate to provide safe estimation on the joint’s 
moment rotational curves.  The predicted initial rotational stiffness under negative 
moment listed in Table 4.6 are obtained by using the basis model in COST C1 Document 
(Anderson, 1999).  It is shown that the predicted values are close to the experimental one, 
except for CJ5 in negative bending.  For joints tested under symmetrical loading with 
negative applied moment (Table 4.3), all the initial rotational stiffness obtained 
analytically exceeded the experimental results.  The worst ratio of Sjexp/Sjpred obtained is 
0.68 for specimen SCCB3.  The overestimation of stiffness by using EC3 bare steel model 
is observed by Broderick and Thomson (2002).  Since the composite stiffness model is 
developed based on EC3 bare steel model, this could be the explanation on its tendency to 
overestimate the initial rotational stiffness. 
Tables 4.4 and 4.6 show the comparison between rotation capacities obtained 
analytically and experimentally for Phase I and II specimens, respectively.  Most of the 
predictions are conservative or close to the experimental values, except for SCCB4.  This 
is because SSCB4 failed mainly due to the onset of premature failure of unstiffened 
column web in buckling, which is undesirable.  If SCCB4 is excluded, it is noted that the 
model is capable of estimating rotation capacity accurately for Phase I specimens.  SCCB1 
to SCCB6 had full shear connection and the majority of the reinforcement bars were found 
yielded at ultimate limit state.  This is in line with the assumption of the model and thus 
good agreement could be reached.   
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Table 4.1   Rotations corresponding to 2Mu/3 and Mu for  
Phases II Specimens (positive bending) 
 





SJ1 11.2 104 9.3 
CJ1 4.1 35 8.5 
CJ2 3.2 28 8.7 
CJ3 6.6 54 8.2 
CJ4 4.9 35 7.2 
CJ5 5.8 39 6.7 
CJ6 5.2 37 7.1 
CJ7 3.7 33 8.9 
                                                                      Average 8.1 
 
 
Table 4.2   Moment Capacity: Experimental (Liew et al., 2000) 
versus analytical (Phase I) 
 
Test Mu,exp (kNm) Mu,pred (kNm) Mu,exp/Mu,pred
SCCB1 271 256 1.06 
SCCB2 441 395 1.12 
SCCB3 449 445 1.01 
SCCB4 186 130 1.43 
SCCB5 410 395 1.04 
SCCB6 423 395 1.07 
 
 
Table 4.3   Initial Rotational Stiffness: Experimental (Liew et al., 2000) 
versus analytical (Phase I) 
 
Test Sjexp (kNm/rad) Sjpred (kNm/rad) Sjexp/Sjpred
SCCB1 36265 44164 0.82 
SCCB2 56328 81271 0.69 
SCCB3 83125 122951 0.68 
SCCB4 37978 43930 0.86 
SCCB5 49678 57670 0.86 
SCCB6 50031 58980 0.85 
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Table 4.4   Predicted and Measured Rotation Capacities of  










SCCB1 Negative 20.7 25 1.21 
SCCB2 Negative 43.7 51 1.17 
SCCB3 Negative 39.9 37 0.93 
SCCB4 Negative 43.6 16 0.37 
SCCB5 Negative 39.3 37 0.94 





Table 4.5   Moment Capacity: Experimental versus analytical (Phase II) 
 
Mu,exp (kNm) Mu,pred (kNm) Mu,exp/Mu,pred
Test 
Negative  Positive Negative Positive Negative Positive 
SJ1 125 110 94 94 1.33 1.17 
CJ1 268 176 230 147 1.17 1.20 
CJ2 273 167 230 154 1.19 1.08 
CJ3 339 175 329 143 1.03 1.22 
CJ4 318 226 329 195 0.97 1.16 
CJ5 568 395 599 339 0.95 1.17 
CJ6 632 461 751 429 0.84 1.07 




Table 4.6  Initial Rotational Stiffness: Experimental versus analytical (Phase II) 
 
Sjexp (kNm/rad) Sjpred (kNm/rad) Sjexp/Sjpred
Test 
Negative  Positive Negative Positive Negative Positive 
SJ1 13103 13091 13944 13944 0.94 0.94 
CJ1 28784 17043 27001 15833 1.07 1.08 
CJ2 27648 16987 27001 15833 1.02 1.07 
CJ3 - - 42430 24521 - - 
CJ4 42697 45118 42430 41501 1.01 1.09 
CJ5 57000 47473 80293 57879 0.71 0.82 
CJ6 107790 86737 109908 85550 0.98 1.01 




Table 4.7a   Predicted and Measured Rotation Capacities of  
Phases II Specimens (negative bending) 
 
Specimen Predicted rotation capacity, φc (mrad) 
Experiment rotation 
capacity, φu (mrad) φu/φc
SJ1 42.2 74 1.75 
CJ1 56.6 91 1.61 
CJ2 51.5 110 2.14 
CJ3 54.1 47 0.87 
CJ4 54.6 48 0.88 
CJ5 48.3 49 1.01 
CJ6 48.4 40 0.83 





Table 4.7b   Predicted and Measured Rotation Capacities of  
Phases II Specimens (positive bending) 
 
Specimen Predicted rotation capacity, φc (mrad) 
Experiment rotation 
capacity, φu (mrad) φu/φc
SJ1 42.2 104 2.46 
CJ1 37.6 35 0.93 
CJ2 37.6 28 0.74 
CJ3 33.5 54 1.61 
CJ4 30 35 1.17 
CJ5 28.5 39 1.37 
CJ6 24.6 37 1.50 






















Fig. 4.1   Force diagram in composite flush end plate connection  
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Fig. 4.13a  Force diagram in composite haunch Connection under negative moment 


















Fig. 4.13b  Force diagram in composite haunch Connection under negative moment 
(PNA in haunch web) 
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Fig. 4.14   Stress and force distribution under positive moment 
(a) Linear distribution   











































Fig. 4.14   Force diagram for positive moment 
(c) PNA in concrete slab 













































































































Fig. 4.18   Tension Stiffening: development of strain in concrete and reinforcement at first 















Fig. 4.19   Simplified stress-strain relationship of embedded and bare  













































































































































































































































































































































Fig. 4.22n   Comparison of Experimental and Analytical Values for CJ7 
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 CHAPTER 5 
JOINT MODELING AND IDEALIZATION  
FOR FRAME ANALYSIS 
 
5.1 INTRODUCTION 
Extensive research work on moment resisting steel-concrete composite joints 
and their influence on the behaviour and stability of building frames has been carried 
out during the past decade (Huber and Tschemmernegg, 1998; Ahmed and Nethetcot, 
1997a&1997b; Leon, 1988; Jaspart, 2000).  The research has explored the possibility 
of adopting alternative joint models other than the ideal behavioural models, i.e. the 
“pinned” joint model in simple construction and the “rigid” joint model in continuous 
construction.  This alternative joint model is known as “semi-rigid” joint model.  
It is well recognised that the actual joint behaviour affects the structural frame 
response and therefore shall be modelled and idealised for global frame analysis and 
design.  Conventionally, the joints have been regarded as pinned or fully rigid in global 
frame analysis, either due to the lack of more realistic knowledge, or for the ease of 
calculation.  It has been proved (Ammerman and Leon, 1987; Davison et al., 1990) 
that both of these assumptions may be inaccurate and uneconomical.  For joints to be 
rigid and full strength, they are normally expensive to fabricate and require very tight 
b/t ratios to be satisfied by steel section in order to apply the advantageous plastic 
design approach (Nethercot, 1995).  On the other hand, in pinned joints, serviceability 
may often govern the design and thus the section capacity is not fully utilized.  
When semi-rigid joint models are adopted, it has an impact not only on the 
displacement, but also the distribution and magnitude of the internal forces through out 
the structure.  The use of semi-rigid joint model in global frame analysis might not be 
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 as easy as the other joint models due to the additional computational effort required, 
but it is a more realistic representation of joint behaviour with respect to frame 
response and provides a more cost-effective approach compared to simple or fully 
continuous design.  
A consistent way to integrate the actual joint response into the global frame 
analysis was proposed by Huber (1999) and Jaspart (2000), and it is known as the 
Joint Representation.  It includes four necessary actions, namely joint 
characterization, joint modelling, joint classification, and joint idealization.  The joint 
characterization for the joint types tested in the experimental study has been illustrated 
in Chapter 4.  In the following sections, the joint modelling and joint idealization on 
these joint types, as per the EC3 and EC4 recommendations will be considered.  
 
5.2 TYPES OF JOINT MODELS 
One of the advancements of EC4 compared to other codes of practice is the 
inclusion of detailed provisions on the practical application of semi-continuous joint 
model, which is a relatively new design concept besides continuous and pinned joint 
models.  The three types of joint modelling are linked to the joint characteristics and 
are shown in Fig. 5.1.  
• A continuous joint ensures full rotational continuity between the connected 
members, resulting in continuous construction.  The joint must be sufficiently stiff 
and possesses moment capacity as strong as compared to the connecting member.  
• A pinned joint prevents any rotational continuity between the connected members, 
resulting in simple construction.  Physically the joint shall be without any stiffness 
and behaves as a hinge. 
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 • A semi-continuous joint ensures only partial rotational continuity between the 
connected members, resulting in semi-continuous construction.  The joint behaves 
as the intermediate case of rigid and pinned (non zero and non infinite stiffness). 
It should be noted that the concept of rigid and pinned joints, considered as 
ideal behavioural models, are still accepted in EC3 and EC4.  It is recognised that a 
joint, which is almost rigid or almost pinned, may still be considered as truly rigid or 
truly pinned in the design process.  To ascertain whether a joint can be considered as 
rigid, semi-rigid or pinned depends on the comparison between the joint and frame 
stiffnesses.  Most of the designers would prefer to simplify the framing as simple or 
continuous, which has the advantage of straightforward and simple calculations.  In 
simple frame, no continuity is assumed.  The beams are designed as simply supported 
between columns with the beam-to-column joints only required to transmit beam end 
shear.  Whereas in continuous framing, full continuity is assumed and there is no 
relative rotation between the beam and the column.  The joints are proportioned to 
resist whatever end moments resulting from the frame analysis, and the joint resistance 
provided is, therefore, as great as that of the connected beam.  
However, the state of the art knowledge is mature enough to replace the 
conventional joint models by more advanced ones which treat the joints in a realistic 
manner.  As pointed out in the literature review, employment of semi continuous joint 
model in semi continuous construction enables advantage to be exploited of the 
stiffness and moment resistance inherent in many forms of the connection, without the 
expense of forming the rigid and/or full-strength joints necessary for continuous 
construction.  
 Depending on the level of accuracy required, there are a few possibilities to 
incorporate the joint behaviour into consideration within the global frame analysis.  It 
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 is understandable that with increasing accuracy, the required input work and also the 
demand on the use of computer software rises drastically.  To avoid this, simpler joint 
modelling approaches have been developed so far.  However, it must be proved that 
the adoption of a simplified model is only workable without resulting in unsafe results 
in view of serviceability, plastic redistribution and stability.  The conventional and 
advanced joint modelling are depicted in Fig.5.2.  To illustrate how these joint models 
can be incorporated into global frame analysis, a double-sided joint as shown in Fig 
5.2 is taken as an example. 
 Conventionally, the left and right joints are regarded as infinite small point and 
are located at the intersection of beam-column centrelines.  In advanced calculation 
methods, the semi-rigid joints are represented by separate flexural joint springs for 
bending and shear influences, where the equilibrium and compatibility conditions are 
fulfilled.  These flexural springs are of finite size and located at the edges of column.  
However, if required, they may be transformed into infinite small size as in 
conventional calculation model through a process termed as joint transformation, 
which will be explained later. 
 Before proceeding further, it will be useful to explain the CLS definition as 
proposed by Huber and Tschemmernegg (1998) where the indices C, L and S for all 
the joint properties (stiffness, moment resistance and rotation capacity) as a synonym 
for the locations “Centre of the joint”, “Loading point of bending” and “Shear point” 
are declared.  Besides representing the positions, the index C stands for the simplified 
combined spring in the joint centre, L means all the effects due to connection and S 
represents the shear deformation.  The purpose of defining CLS reference points is to 
eliminate the inconsistency in comparisons between different joint models and test 
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 results arising from different locations within this finite joint area.  The CLS definition 
is shown in Fig.5.3.   
 
5.2.1 Joint Modelling Reflecting the Actual Behaviour (Advanced Joint Model) 
In this type of joint modelling, the semi-continuous behaviour of the joints is 
accounted for by a special joint element consisting of separate flexural springs for 
those due to connection L and those due to shear panel S.  In other words, a double 
side joint subject to gravity load has therefore to be modelled by two separate ML-φL 
curves, representing the left and the right connection, and one additional MS-φS curve 
for shear panel as shown in Fig. 5.4.  The ML-φL and MS-φS curves can be obtained by 
the component method, or the combination of both ML-φL and MS-φS as obtained in the 
experimental program.  The joint is no longer regarded as infinitely small point but as 
an independent construction element with a finite size of bj and hj.  One of the possible 
applications of advanced joint modelling in global frame analysis is shown in Fig.5.5.  
The rigid bars within the joint area have to be set infinitely stiff in order for these 
flexibilities not to be considered twice.  In addition, the resistance of these rigid bars 
have to be set infinitely high too (Huber and Tschemmernegg, 1998). 
This type of joint modelling, where the source of deformation from the loading 
of connection (bending) and that of the column web (shear) in a beam-to-column joint 
is represented by different flexural springs, required the frame to be analysed by a 
sophisticated computer program which enables a separate modelling of both 
deformability sources.  Unfortunately, most of the commercial computer packages are 
not capable to do that and therefore a simplified joint modelling has to be adopted by 
concentrating the sources of deformation into a flexural spring, located at the 
 185
 intersection of the axes of the connected members, as described in the following 
section.  
 
5.2.2 Simplified Joint Modelling (Concentrated Joint Model) 
In view of user friendliness and simplicity in everyday design, it is convenient 
to represent the overall joint behaviour by flexural springs, which to be displaced from 
the beam-to-column interface to the column axis.  To illustrate how this simplified 
model works, a double-sided joint configuration shown in Fig.5.6 is used as an 
example.  EC3 and EC4 have simplified the finite joint size by assigning both the 
bending and shear influence to a common flexural spring at the beam column axis 
intersection point.  The joint again, is reduced to an infinitely small point as in 
conventional frame calculations.  By doing that, not only the capability of the 
computer software is less demanding, the data needed to be input is also reduced 
significantly.  However, the relocation of flexural springs from L to C has resulted the 
bending moment to increase.  The consideration of the higher applied moment leads to 
a more conservative design.  On the other hand, the extra length of extended beam and 
column rigid bars within the finite joint area means additional flexibilities that add an 
extra rotation to the joint, leading to an overestimation of the global frame 
deformation. 
 
5.3 JOINT TRANSFORMATION 
The resulting errors due to the neglect of finite joint size will be significant 
with the increase in joint dimension in comparison to the beam span and column 
height.  These effects can be accounted for by transforming the joint stiffness that 
applies at L and S to that at C.  The procedures in stiffness transformation will be 
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 explained hereafter.  EC3 and EC4 have adopted a conservative approach by ignoring 
the joint transformation as proposed by Huber and Tschemmernegg (1998) and Huber 
(1999).  For safe design, it has to be proved that the internal moments due to the design 
loads, obtained by global frame analysis, do not exceed the corresponding resistance 
values.  
The rotational stiffness for shear, SS,Rd at S and for connection, SL,Rd at L are 
obtained by assembling the active components in the joint area.  These procedures 
have been explained and demonstrated in Chapter 4.  These stiffnesses are then 
transformed from L to C and, S to C respectively by considering the extended beam 
and column stubs introduced by the simplified model.  Subsequently, the transformed 
shear stiffness, SSC,Rd is combined with the transformed connection stiffness, SLC,Rd to 
form the total transformed rotational stiffness Sj,ini at C.  The procedures and formulae 
involved in joint transformation are given below;  
 








, =          (5.1) 
where z is the lever arm measured from the distance from the centre of rotation to the 
shear spring and CS,Rd is the translational stiffness of shear.  In general, translational 
stiffness of component i, Ci is related to stiffness coefficient, ki by multiplying elastic 
modulus, Ei. 
 
In a similar way, the untransformed connection stiffness at L; SL,Rd can be 













=        (5.2) 
where  CLc,Rd is the translational stiffness of compression component at L; 
Ceq,Lt,Rd is the equivalent translational stiffness of tension components at L with 
an equivalent lever arm. 
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β=        (5.4) 
  cColumn EIz
f2S ⎟⎠
⎞⎜⎝
⎛=        
where f = 1 for a joint at the top of a column; 
 f = 2 for a joint within a continuous length of column; 
 Ic = the second moment of area of the adjacent column section; 
 z = lever arm of the joint. 
 
β refers to transformation parameter and its value depends on the magnitude 
and direction of moments acting on both sides of connection.  If the moments acting on 
interior joint are of same magnitude and opposite direction, β equals to zero and the 
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 shear panel is inactive.  For other cases, β is equal to 1 for exterior joint or interior 
joint loaded with unbalanced moment, and equal to 2 for interior joint subject to 
reversal moment.  
Considering whether the ratio between SS,Rd and Scolumn is larger, equal or 
smaller than unity has the following impacts on SSC,Rd: 








β ) must be larger than unity so that the flexibility of column 
stub can be compensated by the larger transformed shear stiffness, SSC,Rd at 
C.  If the transformation factor is less than unity even SS,Rd/SColumn < 1, then 
SSC,Rd should be taken as SS,Rd. 
• If SS,Rd/SColumn = 1, the transformation factor becomes infinitely large and 
so for transformed shear stiffness at C, SSC,Rd.  This means that the 
flexibility of the extended stubs already fully covers the shear flexibility, 
which corresponds to the conventional rigid model.  Stiffness 
transformation is not necessary. 
• If SS,Rd/SColumn > 1, the untransformed shear stiffness at C, SSC,RD will 
become negatives and such cases can’t be covered anymore by the 
simplified joint model. 
 











=        (5.5) 
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EIS =        
where: Ib = second moment of area of the adjacent beam section in negative 
bending; 
 Lj = half of the depth of the column section (see Fig. 5.6). 
 
Again, by considering the ratio of SL,Rd to SBeam, the following cases can be 
considered:- 
• If SL,Rd/SBeamn < 1, the transformation factor is larger than unity and the 
additional stub flexibility when the connection rotational spring displaces 
from L to C could be compensated by the larger transformed stiffness, 
SLC,Rd in C; 
• If SL,Rd/SBeam = 1, the transformation factor becomes extremely large and 
therefore SLC,Rd is indefinitely large.  This corresponds to conventional rigid 
joint modelling and no transformation is necessary; 
• If SL,Rd/SBeam > 1, which is unrealistic and uneconomic because to achieve 
this, the joint has to be stiffened extensively in tension and compression.  
Strictly speaking, such cases cannot be covered by the simplified joint 
model anymore. 
 
After obtaining the transformed stiffnesses at C for both shear and connection, 










=        (5.6) 
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 The values of untransformed rotational stiffnesses for shear and connection at 
C and their corresponding transformed rotational stiffnesses at C are tabulated in 
Tables 5.1 to 5.3 for Phase I and II specimens.  The ratios between the combined 
untransformed and transformed rotational stiffnesses, Sj,ini(untran) and Sj,ini(tran) are also 
given.  It is noted that for Phase I specimens where the panel zone shear is not 
activated by symmetrical gravity load, the ratios between Sj,ini(tran)/Sj,ini(untran) are close 
to 1, except for SCCB3.  That suggests simplified joint modelling without joint 
transformation will not overestimate mid span deflection much, as the transformed 
stiffness is approximately same as that of untransformed.  This is true when the extra 
flexibility of the extended beam stub for connection flexural spring to displace from L 
to C is not significant.  However, there are cases where this flexibility is significant as 
demonstrated by Phase II specimens.  The ratios range from 1.26 to 2.36, implying that 
if the joint transformation is not carried out, the mid span deflection may be 
overestimated and govern the design.   
 
5.4 IDEALISATION OF M-φj CURVES FOR FRAME ANALYSIS 
It has been shown in the present study (Liew et al., 2000; Liew et at., 2003a&b) 
or other experimental studies that the actual moment-rotation response of a joint, either 
bare steel or steel-concrete composite joint (Liu and Astaneh-Asl, 2000a; Shanmugam 
et al., 2002) is non-linear.  Not all the commercial software on global frame analysis is 
capable of incorporating the joint’s non-linearity into the analysis.  Thus, EC3 and EC4 
propose different levels of M-φj idealizations depending on the suitability of the 
software available for the designer.  The types of M-φj idealizations that can be 
assigned to the flexural springs are shown in Fig 5.7.  The full non-linear M-φj curve 
consists of three sections, namely, linear elastic, interpolated non-linear and yield 
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 plateau as shown in Fig. 5.7a.  Up to a level of two-third of the design moment 
resistance (2Mj,Rd/3), the curve is assumed as linear elastic and the corresponding 
stiffness is termed as initial stiffness, Sj,ini.  The non-linear portion occurs at between 




















         (5.7) 
and the values of ψ for various joint types is listed in Table 5.4 
It should be noted that the use of non-linear curves requires sophisticated 
programs for frame analysis.  For practical application, due to the non-availability of 
suitable software, EC3 and EC4 allow the non-linear M-φj curve to be idealized into 
bi-linear or tri-linear representations, as shown in Figs. 5.7b and 5.7c.  The idealized 
curves should lie below the non-linear curve in order to be conservative.  The 
experimental M-φj curve of CJ1 is taken as an example on the bi-linear curve 
idealization that can be applied in everyday design shown in Fig. 5.8. 
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 Table 5.1   Values of Untransformed and Transformed Stiffness  
for Phase I Specimens 






SCCB1 44164 718 13 9 48115 44164 48115 1.09 
SCCB2 81271 699939 97153 81271 97153 1.20 
SCCB3 122951 726917 159642 122951 159642 1.30 
SCCB4 43930 701488 48088 43930 48088 1.09 
SCCB5 57670 729494 65375 57670 65375 1.13 
SCCB6 58980 729494 66909 58980 66909 1.13 
All units in kNm/rad 
Shear component is inactive in Phase I specimens 
 
Table 5.2   Values of Untransformed and Transformed Stiffness  
for Phase II Specimens (Negative Bending) 






SJ1 64748 664121 64748 20585 144444 24006 13944 17513 1.26 
CJ1 91716 469632 91716 76399 450054 92020 27001 45934 1.70 
CJ2 91716 469632 91716 76399 468059 91302 27001 45754 1.69 
CJ3 154941 468953 154941 105773 446499 138610 42430 73161 1.72 
CJ4 154941 468953 154941 105773 427713 140580 42430 73706 1.74 
CJ5 280090 752043 280090 217687 697104 316530 80293 148599 1.85 
CJ6 445616 597262 877530 341006 967025 526759 109908 329168 2.99 
CJ7 128002 469645 128002 100298 450054 129061 36925 64265 1.74 
All units in kNm/rad 
 
Table 5.3   Values of Untransformed and Transformed Stiffness  
for Phase II Specimens (Positive Bending) 






SJ1 64748 664121 64748 20585 144444 24006 13944 17513 1.26 
CJ1 76756 560674 76756 28272 144444 35152 15833 24110 1.52 
CJ2 76756 560674 76756 28272 144444 35152 15833 24110 1.52 
CJ3 129798 560674 129798 41068 144444 57384 24521 39792 1.62 
CJ4 154412 471297 154412 93666 144444 266440 41501 97758 2.36 
CJ5 218891 895494 218891 129509 366043 200419 57879 104624 1.81 
CJ6 287255 682375 287255 223257 635965 344029 85550 156544 1.83 
CJ7 107414 560680 107414 33368 144444 43392 20220 30907 1.53 
All units in kNm/rad 
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Table 5.4   ψ for various joint types 
Joint types ψ 
Bolted flush end plates 2.7 
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Fig. 5.8   Bi-linear curve idealization for CJ1 
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 CHAPTER 6 
CONCLUSIONS AND PROPOSALS  
FOR FUTURE WORK 
 
6.1 INTRODUCTION 
 In this study, behaviour of composite beam-to-column joints has been 
investigated through both extensive experimental program and analytical studies.  The 
research work carried out has provided an insight into the behaviour of composite end 
plate and haunch joints in terms of rotational stiffness, ultimate strength and rotational 
capacity, especially for those subjected to positive bending, which has not been 
explored sufficiently in the past research.  Results of fourteen specimens tested to 
failure provide the basis of developing and verifying analytical models for moment 
capacity, rotational stiffness and rotation capacity.  Due to the fact that the composite 
joint behaves rather differently when subjected to positive and negative moment, the 
composite joint model, extended from EC3 bare steel joint model, is developed for 
both positive and negative moment.  It incorporates the effect of slab (concrete and 
steel reinforcement) and panel zone deformation and their interaction with the 
steelwork connections.  The study also explores the option of employing haunched 
joints in sway and non-sway composite frames by confirming its moment rotational 
characteristic through tests and to consider the composite action in haunch joint design 
previously designed as non composite (Lawson and Rackham, 1989).  In the following 
sections, concluding remarks with regard to experimental behaviour, analytical 




 6.2 EXPERIMENTAL STUDY 
6.2.1 Phase I  
Six specimens were designed to investigate the effects of slab reinforcement 
ratio and the presence of stiffeners and concrete confinement in the column web on 
composite joint design.  Initial stiffness and first crack resistance were greatly 
enhanced with the increase of reinforcement in the concrete slab.  The influence of 
reinforcement ratio on rotation capacity is not so evident compared to initial stiffness 
and moment capacity.  An increase in the amount of reinforcement does not 
necessarily lead to an increase of rotation capacity.  The enhancement of rotation 
capacity due to the increase of reinforcement will diminish when reinforcement 
reaches certain value.  Enhancement of moment capacity will only be achieved with 
the increase of reinforcement ratio if the local compressive resistance is larger than 
tensile resistance.  However, the amount of reinforcement in the slab must be carefully 
selected to be commensurate with the local resistance of compression beam flange. 
 Waiving of column web stiffeners is not advisable because its absence causes 
premature failure in the column web.  This consequently leads to a drastic drop in 
moment and rotation capacities.  For the two specimens (SCCB5 and SCCB6) 
involving the use of composite column, the concrete encasement in the column 
enhances the compressive resistance of column web.  Its effects are proven to be 
equivalent to those of column web stiffeners.  Experimental observations show that the 
fully encased column (SCCB6) does not show significant enhancement in the key 
properties of beam-to-column connection compared to the column with partial 




 6.2.2 Phase II 
Eight full-scale joint specimens were tested to failure in Phase II.  Their 
moment-rotational responses under the influence of positive and negative moments 
were studied.  It is observed that the moment-rotational response of composite joints 
subjected to positive and negative bending is different due to its asymmetrical section 
in different moment regions.  For flush end plate connections subjected to negative 
bending, their moment capacity and initial stiffness is higher than the corresponding 
values when subjected to positive bending.  This difference can be reduced by 
adopting a stronger steelwork connection such as an extended end plate or haunch 
section.  The reversal of loading requires a stronger panel zone to resist the resultant 
shear force generated by the unbalanced moments and in many cases the strength of 
panel zone governs the behaviour of the joints.  The tests also revealed that the 
effective width of bearing area between steel column and concrete should be taken as 
the column flange width when the connection is subjected to positive moment.  This is 
vital to establish the force equilibrium between compressive and tensile forces in order 
to estimate moment capacity that described in Chapter 4. 
It is clear from the comparison of results obtained from CJ1 and CJ3 that the 
negative moment capacity is enhanced by the provision of a doubler plate.  The 
doubler plate increases the shear resistance of the panel zone and compressive 
resistance of the column web, which govern the negative moment capacity of CJ1 and 
CJ2.  The positive moment capacity is not enhanced in a similar manner since 
provision of a doubler plate did not increase the tensile capacity of bolt, which governs 
the positive moment capacity.  The haunch connection proved to be an effective option 
if increase of positive and negative moment capacities of the joint is intended, without 
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 increasing the beam depth.  The enhancements are mainly due to the increase of the 
depth of haunch connection and thus the moment lever arm.  
The effectiveness of encased column web in providing moment capacity 
enhancement is visible only for negative bending.  This is illustrated by comparing 
specimens CJ2 and CJ7.  Concrete encasement also enhances the initial rotational 
stiffness of joint under both positive and negative bending.  The concrete in column 
web cavity performs slightly better than doubler plate in negative moment region but 
the effect is the same in positive bending. 
It is observed in the tests that the negative rotation capacities are usually bigger 
than those in the positive region.  This is attributed to the ductile failure modes 
exhibited by composite joints loaded in negative moment compared with the non-
ductile types for joints loaded in positive moment.  Generally, reversal of loading has 
resulted in a smaller moment capacity and stiffness, and a substantial increase in the 
rotational ductility of the joint, as compared to symmetrically loaded joints.  Since the 
cyclic loading did not reduce the ductility of specimens tested, it is concluded that the 
specimens are capable of providing sufficient and reliable rotation capacity and, 
therefore, may be used in structures in seismic area. 
In Asia region, the cost of fabrication is relatively cheaper than the cost of 
material.  The material cost normally constitutes approximately 35% for I or H 
sections and 45% for tubular and square hollow sections, out of the total cost of steel 
structure.  The author would strongly advocate the use of stiffened column web for 
composite joint if no other stiffening alternatives are available.  Increasing section size 
to eliminate stiffening is not economical.  In the case of concrete encased column, 
concrete is often used as fire protection or acted compositely to increase load carrying 
capacity and stiffness.  The present of concrete encasement provides stiffening effect 
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 to the column web which is found to be as effective as horizontal column web plate for 
symmetrical loading and doubler plate for reversal loading.  
 
6.3 ANALYTICAL ASSESSMENT 
Analytical assessments of moment capacity, initial rotational stiffness and 
rotational capacity of composite end plate and haunch joint specimens tested in Phases 
I and II are carried out.  The component method is successfully applied to determine 
the moment capacity and initial stiffness for both composite end plate and haunch 
joints subject to positive and negative moment.  One of the improvements over EC 
models is waiving the restriction of the PNA in the centre of the bottom beam flange.  
The PNA is allowed to be in the steel beam web as long as the steel beam flange is 
compact and tensile force delivered by the rebars and bolts is larger than the 
compression resistance of the beam flange.  This slightly increases the predicted 
moment capacities and helps to improve the ratio between predicted and test values.  
This helps to increase the accuracy of prediction where Eurocodes tend to 
underestimate moment capacity. 
From the comparisons between the analytical and experimental results for 
composite joints, it is observed that the calculation procedures documented in Revised 
Annex J of EC3 and its companion document (Anderson, 1999) over-predict the initial 
rotational stiffness for joints loaded symmetrically.  The maximum error is about 32%.  
However, for joint under reversal of loading, the procedure is found to be sufficiently 
accurate in capturing the moment capacity and initial rotational stiffness of composite 
end pate and haunch connections 
For joints under positive bending, the proposed procedure modified from EC3, 
Annex J is adequate to determine the positive moment capacity.  The predictions are 
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 generally conservative with a maximum deviation of 20%.  On the other hand, positive 
initial rotational stiffness may be determined with reasonable accuracy with shorter 
lever arm, assuming that the lever arm is the distance between the tension bolt row to 
mid thickness of the concrete slab in compression.   
In conclusion, initial rotational stiffness in negative moment region for Phase I 
test is over-predicted by up to 30%.  On the other hand, the predictions for initial 
rotational stiffness for positive moment region are reasonable accurate with error 
within 20%.  It is therefore recommended that a stiffness reduction factor of 0.8 to be 
applied to the predicted stiffness value for design implementation. 
Recognising the contribution of panel zone deformation in rotation capacity 
due to reversal of loading, the method proposed by Anderson et al. (2000) for 
composite end plate joint loaded in symmetrical negative moment is extended to cover 
those subject to moment reversal.  The predictions by the proposed model are either 
conservative or close to the result.  The proposed model is expected to be useful for 
designer to estimate reliable rotation capacity to facilitate the application of plastic 
design.  
 
6.4 JOINT MODELLING 
In the design of composite frames with semi-continuous joints, it is convenient 
to represent the overall joint behaviour by rotational springs.  In an unbraced frame, 
the joint model should take into account the behaviour of the column web panel in 
shear as well as the M-φ behaviour of the relevant connection.  The present study 
explores the possibilities of employing semi-rigid joint modelling techniques as 
proposed in Eurocodes not only to braced frame, but more importantly for sway 
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 frames.  By using the experimental results, the application of semi-rigid joint 
modelling for composite sway frames has been successfully explored.   
It is noted that for Phase I specimens, the conservative approach of EC3 to 
concentrate the flexural springs at the intersection of column and beam axes by 
ignoring the finite size of joint, i.e. without joint transformation does not lead to over-
design.  However, this may not always be true when the extra flexibility of the 
extended beam stub for the shear and connection flexural springs to displace from L to 
C is significant, as demonstrated in Phase II specimens.  The ratios of transformed to 
untransformed rotation stiffness for Phase II specimens ranged from 1.26 to 2.36, 
implying that if the joint transformation is not carried out, the mid span deflection may 
be overestimated and hence govern the design.  Therefore, the section capacity of 
beam is not fully utilized and ended with uneconomical design.  
 
6.5 FUTURE WORK 
The behaviour of composite joints are much more complex compared with their 
bare steel counterpart mainly due to the influence of the slab on the steelwork 
connection and its interaction with the beam and column.  The fact that composite 
construction could provide an economical design since the merits of steel and concrete 
can be proportional in great flexibility, its complexity does not deter the research 
community to carry out further study in order to exploit its benefit.  In line with the 
work reported herein, the following areas for future study is recommended.   
1. To carry out an in-depth analytical study to improve the EC3/EC4 models 
on the over prediction of initial rotational stiffness for negative moment.  
The present study provides an important clue that they over predict 
rotational stiffness for joints loaded in symmetrical load only, but not on 
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 those subject to reversal of loading.  Therefore, different approach to model 
panel zone may be required. 
2. To study the experimental behaviour of composite joints subjected to quasi-
static cyclic loading with extended load cycles as to simulate the composite 
joint for buildings in low and medium seismic area.  It is necessary to check 
whether composite action will diminish when concrete slab cracks under 
extended load cycles. 
3. To experimentally investigate the moment-rotation behaviour of composite 
joints in cruciform shapes when both sides of the joint are loaded in the 
upward direction, i.e. positive moment.  This type of loading may not exist 
in the actual structure, but it is needed to construct a complete rotation 
curve that can be used for the composite sway frame numerical model 
development.  The experimental results can then be compared with the 
analytical models of the present study for positive moment when the panel 
zone effect is excluded.  
4. To develop an analytical model to predict the rotation capacity when its 
accuracy does not rely on the rupture of the slab reinforcement or by 
attainment of limiting slip capacity.  Various failure modes have been 
observed in the present study other than above.  The analytical model 
developed should be able to determine the rotation capacity of the joint in 
accordance with its failure mode. 
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PUSH OUT TEST ON SHEAR CONNECTOR 
 
 Four push out tests on headed shear studs were carried out to obtain the initial 
stiffness of the individual headed stud, ksc.  Load-displacement curves of the push out 
test specimens can be plotted and the slope of the linear portion of the curve taken as 
the initial stiffness of headed shear stud.  The parameters varied in the push out test 
include the number and spacing of the headed studs; the arrangements were kept the 
same as in the joint specimens tested.  
 Details of a typical specimen and the test set up are shown in Figs. A1 and A2, 
respectively.  The size of the slab remained identical to that of the composite joint 
specimens, viz. 120 mm thick and 1500 mm width.  However, the length of the 
concrete slab, b, is related to the longitudinal spacing of the headed stud, a.  Therefore, 
the lengths of the concrete slabs were differed from SPT1 to SPT4.  There were 4 
headed studs in SPT1, two studs in each slab, arranged in single row.  The rest of the 
specimens had 8 studs, four in each slab and were arranged in two rows.  Details of 
push out test specimens, properties of the headed studs and concrete properties are 
summarized in Table A1, A2 and A3, respectively. 
 Ultimate load and initial stiffness of single stud obtained from the tests and the 
failure modes of the push out test specimens are listed in Table A4.  The load-
displacement curves are shown in Fig. A3 for specimens SPT1 to SPT4.  
 The load-displacement behaviour for all the specimens is similar and 
consistent.  The displacement, which in the form of slip between the steel beam and 
concrete slabs occurred when the load was applied.  The load-displacement curves are 
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linear initially and started to show non-linear characteristic after certain level of load.  
The curves for SPT1 and SPT4 become nonlinear approximately at 80 kN, whereas for 
SPT2 and SPT3 it occurs at a load level of 50 kN.  The reduced stiffness signalled the 
onset of stud yielding or concrete deformation.  Flattening of curves at early stage of 
loading in respect to the specimens SPT2 and SPT3 may be due to lower concrete 
strengths, about 11% lower than that of SPT1 and SPT4.  The initial stiffness that 
describes the response of the studs with respect to load before any component yielding 
is taken the slope of the linear portion of the load-displacement curve.  The initial 
stiffnesses of SPT1 to SPT4 are 107.3, 91.8, 83.3, 120.1 kN/mm respectively.  Again, 
the test results indicate that the higher the concrete strength was, the higher the initial 
stiffness.  The average value of 100 kN/mm is used as ksc in the analysis of the joint 
specimens.  
 
Table A1   Details of Push Out Test Specimens 
 






Ratio Test attributed to 
SPT 1 2 240 c/c 700 0.5 % SCCB1 
SPT 2 4 240 c/c 700 1.12 % SCCB2, SCCB4-6 
SPT 3 4 160 c/c 500 1.56 % SCCB3 
SPT 4 4 130 c/c 425 1.12 % CJ1-CJ7 
 
 


















1 405 490 189.7 
2 400 494 216.1 
3 400 493 250.2 













Table A3   Properties of Concrete 
 
Test 






SPT 1 39.6 33.3 24.5 
SPT 2 35.3 33.4 21.7 
SPT 3 36.4 31.5 23.8 
SPT 4 38.2 34.7 21.2 
  
 






(kN/mm) Failure Mode(s) 
SPT 1 122.5 107.3 Studs Shearing 
SPT 2 99.3 91.8 
Studs Shearing & 
concrete crushing 
SPT 3 110.6 83.3 Concrete crushing 
SPT 4 110.1 120.1 




















(specimen with two rows of stud)
Section A-A










































Fig. A3   Load slip curve for push out tests carried out 
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